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Abstract

Current practice in the seismic design of bridges assumes that their superstructures do not
need to be explicitly designed for earthquake loads. They are assumed to remain elastic
by virtue of their inherent strength and in-plane stiffness which is required for service
loads. As a consequence few codes require detailed design of these members. Whereas
this assumption appears valid for concrete box girder superstructures, the performance of
steel bridges with concrete decks in recent earthquakes has cast doubt on the validity of
this approach for this class of bridges. In particular, damage has occurred within the end
cross frames of steel superstructures which are known to be the primary element in the
lateral load path of straight bridges. It is also known that designing these end frames with
special ductile details and allowing the braces to buckle and yield can significantly
reduce the lateral loads transferred to the substructures. But little is known about how to

maximize this effect while at the same time minimizing any associated damage.

In this report, finite element analyses are conducted on multi-girder, multi-span, steel
plate girder superstructures to identify load paths, factors influencing cross frame
stiffness, tolerance for drift, and robustness of studded steel-to-concrete connections.
Moments and shears transmitted through these connections rotate the girders about their
longitudinal axes, and since this rotation is not uniform along the girder, the torsional
stiffness of the girder-deck system plays an important role in the behavior of the cross
frame. Furthermore, these moments are transmitted through the connections by pairs of
tensile and compressive forces which, as the transverse loads increase, may cause

yielding in the studs and breakout of the concrete.



This report also discussed the experimental investigations that were conducted on a set of
five subassembly specimens to establish their lateral cyclic response including the initial
stiffness, ultimate strength and failure modes of subassembly models with various shear
connector configurations. The specimens were one-half scale models of a steel girder
bridge superstructure prototype. Two of the specimens represented typical end cross
frames details without diagonal bracings. The results of the experimental investigations
showed that the shear connectors near the end cross frames will be subjected to combined
tension and shear forces. Any premature failure of these shear connectors will interrupt

the load path and may not transfer the forces to the cross frame and the bearing.

Simplified analysis and design method are also developed as part of this study to
determine the seismic response parameters of single and multi-span steel girder bridges
with ductile special end cross frames. The proposed methods are based on an iterative

solution and show good agreement with results from nonlinear time history analyses.
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CHAPTER 1 INTRODUCTION

1.1. Overview

Steel bridge superstructure components have experienced various degrees of damage in
past earthquakes. Damage has occurred in steel plate girders, R/C decks, shear
connectors, bearings, cross frames and their connections. The nature of one damage
mode, yielding and buckling of diagonal members of cross frames, seen in one particular
superstructure component has been of interest to researchers and bridge engineers. This
damage at the support cross frame bracing members may be used to dissipate seismic

energy through hysteretic response. If these diagonal members are designed and detailed



to behave ductile, then the seismic base shear on bridge substructures will be reduced.
Zahrai (2000) performed experiments on a slice model of a two-girder bridge model of
small width, to investigate the performance of ductile end-cross frames. Carden et al
(2005) further investigated the response of ductile end-cross frames by performing
system experiments on a single-span two-girder bridge model. The results of these
experimental investigations show that ductile end cross frames may reduce the lateral
seismic forces to almost one-half. Therefore, ductile end-cross frames are identified in
several U.S. seismic design codes and guidelines as a recognized energy dissipating
system for the reduction of the seismic forces in steel bridge superstructures. The
Recommended LRFD Guidelines for the Seismic Design of Highway Bridges
(MCEER/ATC 12-49, 2001) and the Caltrans Guide Specifications for Seismic Design of
Steel Bridges (Caltrans, 2001) list ductile end cross frames and diaphragms as one of the

acceptable ductile seismic resisting systems in straight bridges.

AASHTO LRFD Specifications (AASHTO 2007) do not have language for the seismic
design of bridge superstructures. This implies that structural elements within the bridge
superstructure need to be designed to remain elastic during seismic events. The basic
AASHTO seismic design philosophy requires the seismic energy dissipation to occur
through nonlinear response in substructure components. Therefore, damage and
permanent deformations are expected to occur in these elements. After a seismic event,
depending on the magnitude of the earthquake and the level of damage to the bridge, the
bridge will require shoring to repair the substructure or the entire bridge has to be

replaced. However, AASHTO LRFD commentary section c4.6.2.8.3 acknowledges that



special design of cross frames can allow ductile behavior and may reduce the seismic
response in steel plate girder bridges. The extent of the repair of the diagonal members
after an earthquake is much less than the repair needed for the substructure in

conventional design.

Despite the promising potential of ductile end cross frames in reducing the seismic
demand in bridge substructures, one particular disadvantage has hindered their
widespread use. This disadvantage is the limited experimental investigations on ductile
end cross frames and their effectiveness in seismic zones. Therefore, guidelines are
required to establish the effectiveness of ductile end cross frames in seismic zones. These
guidelines should include analysis methods, design requirements, and details of the R/C

deck attachment to the plate girders and the cross frames.

1.2. Seismic Damage to Steel Girder Bridge Superstructures

In 1992, a series of three earthquakes with a maximum magnitude of 7.0 occurred near
the town of Petrolia in Northern California (Caltrans 1992). Some notable damage was
reported to two steel plate girders bridges. In the Southbound Van Duzen River Bridge,
the end cross frames and lateral bracing experienced nonlinear behavior in addition to the

spalling of concrete in the deck-girder studded connection at one of the abutments.

The 2001 Nisqually Earthquake in Washington State caused damage to bridges, in

particular the Capital Arch Bridge (EERI 2001) which is of interest to this study. Figure



1-1 shows damage to bearing stiffener and Figure 1-2 shows the buckled end cross frame
bracing in that bridge. It is to note here that the peak ground acceleration of this
earthquake was between 0.2g and 0.3g. This shows, again, the vulnerability of steel

superstructures to even relatively low seismic PGA.

Several steel plate girder bridges located on Interstate I-5 near the center of Newhall in
Southern California experienced structural damage during the 1994 Northridge
earthquake (Astaneh-Asl 1994). This was the region where the rupture of the hidden
thrust fault would have projected to the surface. The earthquake had a peak ground
acceleration of 0.63g and 0.62g in the horizontal and vertical directions, respectively.
Figure 1-3 shows damage to gusset plate at end cross frame location in the Pico-Lyons

over-crossing.

The 1995 Hyogoken-Nanbu earthquake in Kobe, Japan caused major damage to a large
number of steel plate girder bridges. The peak ground acceleration of the earthquake, as
recorded at KIMA Station, was 0.82g. Damage to virtually all structural components in
steel bridges were observed during this earthquake. Figure 1-4 shows damage to steel
girder at expansion joint over steel bent. Figure 1-5 shows the same damage from the
underside of the superstructure. It was noted that the nonlinear deformation in the steel

girder and cross frames reduced the seismic demand on the substructure (Chung 1996).

After the 1995 Hyogoken-Nanbu earthquake, a network of highways developed by the

Hanshin Expressway Public Corporation (HEPC) was inspected and investigated,



specifically the HEPC No. 3 Kobe line. This highway, built by the HEPC, was limited to
the Osaka-Kobe area; covering 125 miles with 98% of the network being elevated.
About 80% of the bridges on the HEPC No. 3 Kobe line were designed according to the
1964 Japan Road Association (JRA) Specifications while the other 20% were designed
according to the 1971 JRA Specifications. Typically, the superstructures of these bridges
consisted of non-composite steel plate girders interconnected with cross frames,
diaphragms, and lateral bracing supported on roller, pin, or pivot bearings. Figure 1-7
through Figure 1-9 show details of bearings that were used on the HEPC Kobe line.
Superstructure failures observed after the earthquake ranged from total collapse to minor
damage affecting the load bearing capacity. Damage to bearings ranged from severe
damage, including anchor bolt pull out, to undamaged. Figure 1-4 through

Figure 1-6 show examples of these failures. After the earthquake, retrofit efforts included
modifying the simply supported spans to continuous spans, adding bottom struts to
support cross frames, adding restrainers at the ends of continuous spans, changing all
types of bearing to elastomeric bearing pads, with shear keys in the longitudinal and

transverse directions.

Figure 1-10 and

Figure 1-11 show examples of the retrofit efforts. Some new construction details that were
used in the retrofit of the line include composite abutment/support diaphragms, top and
bottom struts for support frames, reinforced plate girders around support locations,

sliding and elastomeric bearings with shear keys.



1.3. Advantages of Using Ductile End Cross Frames in Seismic Design

1.3.1.Background

The assumption that the bridge superstructure remains elastic by the virtue of their
inherent strength and in-plane stiffness may appear valid for concrete box girder
superstructures, however, the performance of steel bridges with concrete decks in recent
earthquakes has cast doubt on the validity of this assumption. As noted earlier, damage
has occurred in end cross frames of steel superstructures which by now are known to be

the primary elements in the lateral load path.

The concept of dissipating the seismic energy within the steel bridge superstructure and
consequently reducing the seismic base shear demand on the substructure was recognized
by many researchers (Itani et al (1995), Astaneh-Asl (1996), Bruneau et at (1996)). In
this concept, the substructures may remain elastic while the superstructure will undergo
controlled damage over the supports due to nonlinear response of the end cross frames.
This will reduce the seismic demand on the substructure and limit the damage to the
superstructure. Therefore, the repairs after an earthquake will be limited to support cross
frame members which can be accessed underneath the bridge deck. This concept also has

the potential of limiting the retrofit cost for substandard existing substructures.



1.3.2.Rationale

Designing the end cross frames with ductile details and allowing the diagonal braces to
yield may significantly reduce and limit the lateral loads transferred to the substructure.
But little is known about how to maximize this effect while at the same time minimize

the associated damage to other elements of the superstructure.

Figure 1-12 shows the variation of base shear demand as a function of the transverse
displacements over the support cross frames for various end cross frame strengths. This
plot is based on maximum seismic base shear forces and lateral end cross frames
displacements obtained from nonlinear time history analyses using 2 x El Centro ground
motion and various end cross frame properties. The details of this model are described in
chapters 4, 5, and 6 of this report. It can be observed from Figure 1-12 that the seismic
base shear is inversely proportional to the transverse drift in the superstructure’s ductile
end cross frames. As the strength of end cross frames decreases, the seismic base shear

decreases while the drift level increases.

The goal of seismic design of bridges with ductile end cross frames is to lower the base
shear as far as possible while keeping the drift within acceptable limits. Higher drifts may
fracture the diagonal braces which could lead to instability under gravity loads due to

secondary effects.

Ductile end cross frames require special design and details of their various elements and

the attachment to the R/C deck near support locations. This attachment between the R/C



deck and the plate girders or the cross frames is important in transferring the seismic
load. Any premature failure in this attachment will interrupt the seismic load path and
cause the deck to slide over the plate girders. The attachment between the deck and the
plate girders may be achieved by having shear connectors on the plate girders or by
attaching the top chord of the cross frames to the R/C deck. Analytical seismic
investigations by Carden et al (2006) showed significant bending stresses in continuous
steel plate girders where shear connectors are not placed in negative moment zones. The
seismic forces for bridges with this detail are transferred through the shear connectors at
the inflection points of the girders and then through bending of plate girder about its
weak axis. In this case, opposite to commonly known, the intermediate cross frames

between the supports will be subjected to significant seismic forces.

A successful seismic design of steel girder bridges using ductile end cross frames
requires proper attention to the configuration and deformation capacity of other structural
components that lie in the seismic load path. For a ductile end cross frame to dissipate
energy, the cross frames need to displace laterally. This requires the ends of steel girders
to rotate about their longitudinal axis. The ideal ductile cross frame is one in which the
only stiffness component resisting the lateral load comes solely from the diagonal
members. This will ensure minimal post-yield slope of the ductile end cross frame which
leads to low seismic base shears. The actual situation in bridges with ductile end cross
frames involves components of stiffness from several other superstructure components

that provide resistance against free rotation of the end of steel girders. This resistance is



due to the three-dimensional nature of the lateral system response of the superstructure.
The sources of this system effect include:

e Frame action created by the connection between deck and girders.

e Torsional stiffness of girders near supports.

e Eccentricities and offsets in cross frame joints.

» Rotational stiffness of bearings.
Therefore, it is important to understand the lateral load path and quantify the contribution

of each element to seismic base shear.

1.4. Objectives and Scope

The objectives of this study are:
e Establish the seismic load path in single and multi-span, multi-girder steel bridge
superstructure.
e Determine the lateral seismic performance of single and multi-span steel bridges
with ductile end cross frames and establish the effectiveness of this concept.
e Investigate, experimentally, the lateral performance of ductile end cross frames.
e Develop seismic analysis and design procedures for single and multi-span bridges

with ductile end cross frames.

Linear and nonlinear finite element analytical studies were performed on multi-girder,

single and multi-span steel girder superstructures to identify load paths, factors
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influencing cross frame stiffness, tolerance for drift, and robustness of R/C deck to cross

frame and girder connections.

Experimental investigations were conducted on one-half scale three-girder bridge
subassembly models to determine the lateral cyclic performance and failure modes. Five
large scale specimens were tested up to failure to determine the lateral strength and
stiffness under large cyclic deformations. Specimens with various details of shear
connectors and diagonal braces were tested in the experimental program. Based on these
experiments, a rational analytical model for shear connectors was developed and used in
the subsequent numerical analyses. An iterative procedure was developed based on
equivalent viscous damping to calculate seismic response parameters of multi-span

bridges with ductile end cross frames on rigid and flexible substructures.

1.5. Report Summary

This report discusses the analytical and experimental investigations conducted on steel
plate girder bridges to understand their seismic behavior and response and to recommend
guidelines for their seismic design. Chapter 2 of the report presents an overview of
current design specifications, including codes such as AASHTO Specifications, Caltrans
Specifications, Canadian Specifications and Japan Specifications. This chapter continues
with an in-depth look at several other publications that are relevant to end cross frames
and shear connectors. Chapter 3 takes an analytical approach in exploring the seismic
load path of steel plate girder bridges. The potential of using ductile end cross frames in

straight bridges was investigated analytically and the effect of various parameters such
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span length, girder spacing, number of girders, substructure type (single column and two
column bents) and stiffness was studied. It was found out that the effectiveness of ductile
end cross frame is related to the type of substructure and the relative stiffness of the
superstructure to substructure. Analytical investigation showed that the torsional mode of
the superstructure (torsion along the longitudinal axis of the bridge) in single column
bents will subject the column to shear that is not related to the seismic transverse
response of the bridge. This reduces the effectiveness of the ductile cross frames in
reducing the shear on the substructure. In addition, the relative stiffness of the
superstructure to the substructure plays an important role in the effectiveness of ductile
end cross frames. For bridges with span length over 100 ft, the lateral stiffness of the
plate girders and the deck are relatively low compared to the lateral stiffness of the
substructure. Therefore, the lateral stiffness of the cross frame is the dominant stiffness
and is normally compared to the lateral stiffness of the substructure. Based on the
aforementioned analyses, it was shown that for ratio of elastic column to inelastic column
shear equal to or greater than 3, the ratio of the superstructure to the substructure stiffness

should be equal or less than 2.

Chapter 4 discusses the behavior of end cross frame region including shear connectors
and the diagonal members under lateral forces. It was shown that the shear connectors at
the end cross frame regions will be subjected to shear and axial forces. If these
connectors are not designed for these combined forces premature failure may occur
during seismic events. Chapter 5 takes a closer look at the end cross frames regions by

conducting experimental investigation. Five large scale subassembly of plate girders,
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R/C deck, shear connectors, diagonal members, and bearings were tested under
increasing cyclic deformations to determine their response and behavior. Based on these
experiments it was shown that the shear connectors designed according to ACI Appendix
D for combined axial and shear will be able to undergo lateral drift up 7% before failure.
Also, X-pattern diagonal member with Kl/r and b/t ratio similar to the AISC Seismic
Provisions will be able to undergo cyclic deformation with a drift up to 7% without
premature fracture. Therefore, using the aforementioned design requirements, a lateral
drift equal to 4% can be used without significant damage to R/C deck and premature

fracture in the diagonal members.

Chapter 6 further looks at calibrated analytical models of end cross frames. Mathematical
models for shear connectors under shear and tensile forces were proposed and verified
based on the experimental results. Chapter 7 covers the analysis and design of the ductile
end cross frames based on the discoveries made in the analytical and experimental data.
This chapter also gives design examples for the design of ductile end cross frames.
Chapter 8 summarizes the report and gives the final conclusions with the

recommendations for future work.



Figure 1-1. Damage to end plate girder in Capitol Arch bridge (WSDOT 2001)

A
-

Figure 1-2. Damage to lateral bracing and cross frame in Capitol Arch bridge (WSDOT 2001)
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Figure 1-3. Damage to end cross frame gusset plate in Pico-Lyons over crossing (Astaneh-Asl 1994)

Figure 1-4. Damage to girders of Hanshin Expressway



Figure 1-5. Damage to bearings and girders of Hanshin

Figure 1-6. Bent collapse in Hanshin Expressway
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Figure 1-7. Roller bearing used on the Hanshin Ewpressway before Kobe earthquake

Figure 1-8. Pin bearing used on the Hanshin Expressway before Kobe earthquake
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Figure 1-9. Pivot bearing used on the Hanshin Expressway before Kobe earthquake

Figure 1-10. Elastomeric bearing pads with shear keys used on the Hanshin Expressway after Kobe
earthquake
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Figure 1-11. Longitudinal shear keys used after Kobe earthquake
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Figure 1-12. Relationship between base shear and drift for steel superstructures with ductile end
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CHAPTER 2 OVERVIEW OF SPECIFICATIONS ON THE
SEISMIC ANALYSIS AND DESIGN OF STEEL PLATE GIRDER
BRIDGES

2.1. Overview

The seismic requirements of AASHTO LRFD Bridge Design Specification 4™ Edition,
(AASHTO 2007), Caltrans Seismic Design Criteria (SDC) , Version 1.5, (Caltrans 2009),
Caltrans Guide Specification for Seismic Design of Steel Bridges (Caltrans 2001),
MCEER/ATC 12-49 (MCEER 2004), AASHTO Guide Specifications for LRFD Seismic
Bridge Design (AASHTO 2009), Canadian Highway Bridge Design Code (CAN/CSA-

S6-06), and Japanese Specification for Highway Bridges (JRA 2002) are summarized.
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Also included are the findings of various researchers on the topic. These seismic
requirements and guidelines are also tabulated in Appendix 1. This table can be used as a
quick reference, providing side-by-side comparison of seismic requirements of various

codes and guidelines.

While most codes consider superstructures as capacity-protected, they often fail to
provide seismic forces for structural components that lie in the seismic load path. Few
seismic guidelines allow limited nonlinearity in the superstructures, but stop short of
identifying seismic demand on the ductile components at various performance levels.
Therefore, none of the existing code and research to date offers a complete guideline for

the seismic analysis and design of steel bridge superstructures.

2.2. AASHTO LRFD Bridge Design Specification

The Seismic analysis and design in AASHTO LRFD Bridge Design Specification
(AASHTO 2000) is spread among various sections. Section 3 deals with loads and load
factors. Section 4 covers structural analysis and evaluation and Section 6 is for steel

structures.

The specification follows a single level design approach. The seismic design and analysis
procedure is based on Seismic Performance Zone and Importance Category. The

following methods of analysis can be used accordingly: UL (uniform load method), SM
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(single mode spectral method), MM (multimode spectral method), or TH (time-history

method).

According to AASHTO, the criteria for seismic design are to minimize damage by
allowing a certain degree of energy dissipation, movement, or plastic deformation in
seismic load resisting systems. Recent research shows that elements with steel
superstructures can be designed and detailed to withstand large inelastic deformations.
While rigid bearings transmit seismic loads without movements, deformable bearings
transmit limited loads by plastic deformation or through restricted slippage. Deformable
bearings are used when both superstructure and substructure components adjacent to
bearings are very stiff. Seismic Isolation Bearings transmit reduced seismic loads, limited
by energy dissipation. These bearings are used as structural fuses that are designed to

engage at prescribed seismic loads.

AASHTO LRFD Bridge Design Specification does not provide guidance on the seismic
design of structural components in the steel bridge superstructures, it only states that:
“The Engineer shall demonstrate that a clear, straightforward load path to the
substructure exists and that all components and connections are capable of resisting the
imposed load effects consistent with the chosen load path.” Furthermore, the AASHTO
specifications state that the critical superstructure components should be designed to

remain elastic.
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2.3. Caltrans Seismic Design Criteria

The Caltrans Seismic Design Criteria (2001) is focused primarily on concrete bridges; for
steel bridges, it refers to Caltrans Guide Specification for Seismic Design of Steel
Bridges. SDC applies to Ordinary Standard bridges. Important bridges and Ordinary

Nonstandard bridges require project-specific criteria.

The specification follows a single-level design approach. All bridges shall be designed
for two seismic design criteria, based on importance category and two types of motions:
Functional-Evaluation and Safety-Evaluation ground motions. However, the explicit
Functional-Evaluation is not required for Ordinary bridges if they meet the Safety-

Evaluation performance requirements.

For ordinary bridges, the effects of vertical ground acceleration shall be included, when
peak rock acceleration is greater than 0.6g, as an equivalent vertical load of +/-25% of

dead load on superstructure.

Equivalent Static Analysis (ESA) using effective cross sectional properties and Elastic
Dynamic Analysis (EDA) are analytical tools for estimating seismic demand on Ordinary
Standard bridges. Inelastic Static Analysis (ISA) is used to establish displacement
capacity. SDC requires that the displacement ductility demand of bridge components, as
calculated using these analysis procedures, to be smaller than the specified target

displacements.
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The SDC also requires that bridges should be able to resist internal forces generated when
the structure reaches its Collapse Limit State. The Collapse Limit State is defined as the
condition when a sufficient number of plastic hinges have formed within the structure to
create a local or global collapse mechanism. The shear demand on capacity protected

elements shall be based on overstrength values at Collapse Limit State.

Typically, abutment shear keys are expected to transmit the lateral shear forces generated
by small earthquakes and service loads. The forces generated with elastic demand

assessment models should not be used to size the abutment shear keys.

2.4. Caltrans Guide Specification for Seismic Design of Steel Bridges

The Caltrans Guide Specification for Seismic Design of Steel Bridges (2001) states that
structural systems should be designed to provide effective load path and continuity. This
guide specification considers ductile end cross frames and diaphragms as one of the
acceptable ductile seismic resisting systems. However, the ductile end cross frames or

diaphragms are not permitted to be used in curved bridges.

The specification also states that steel girder superstructures should be able to resist
forces based on overstrength plastic bending moment capacity of concrete columns. For
steel bridges, structural components shall be generally designed to ensure that inelastic
deformations only occur in the specially detailed ductile substructure elements. Inelastic

behavior in the form of controlled damage may be permitted in some of the
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superstructure components such as the end cross frames, end diaphragms, and bearings.
The inertial forces generated by the deck shall be transferred to the substructure through

girders, trusses, cross frames, lateral bracings, end diaphragms, and bearings.

This guide specification also suggests that ductile components, which are expected to
experience repairable damage during the Functional Evaluation Earthquake (FEE) and
significant damage but without failure during the Safety Evaluation Earthquake (SEE), be
pre-identified and well detailed to avoid significant stiffness and strength degradation.
When ductile, concentrically braced end-diaphragm systems are used, the bracing
connections, girders, and substructure are considered capacity-protected. The structural
components in the seismic load path such as seat width, bearing assemblies, end cross

frames, splices, and connections shall be properly detailed to ensure continuity.

It also states that a dual level design may be needed for nonstandard ordinary bridges and
important bridges. In the transverse direction, ductile end cross frames or diaphragms
may be used for a moderate to large earthquake, while ductile columns will be activated
in an extremely large event; when the displacement limits are reached in the end cross

frames or diaphragms.
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2.5. Recommended LRFD Guidelines for the Seismic Design of Highway

Bridges (MCEER/ATC 12-49)

The Recommended LRFD Guidelines for the Seismic Design of Highway Bridges
(MCEER/ATC 12-49, 2001) has no specific requirements for the seismic design of
superstructure elements in Seismic Design Requirements (SDR) 1, 2, and 3. However, for
SDR 4, 5, and 6, superstructure elements shall be designed either as capacity protected or
for elastic seismic forces from the MCE. It also recommends that multi-simple span
bridges not rely on abutments to resist longitudinal forces from other than the two end
spans. If the superstructure is continuous, longitudinal forces from interior spans may be

transferred to abutments.

The specification follows a two-level design approach with the implied desired
performance level for the Expected Earthquake demand. Six (Al, A2, B, C, D, E)
Seismic Design and Analysis Procedures (SDAP) are considered based on Seismic
Hazard Level (SHL) and Importance Category. For SDAP Al & A2 no dynamic analysis
is needed. Seismic analysis is not required for SDAP B, however, capacity design
principles and minimum design details shall be considered for bridges with certain
limitations. Capacity Spectrum Method shall be used for regular bridges in SDAP C
category. Elastic Response Spectrum Method (Multi-mode Dynamic Analysis Method or
The Uniform Load Method, where applicable) may be used in SDAP D. For SDAP E,

Elastic Response Spectrum Method with Displacement Capacity Verification shall be
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used. MCEER/ATC 12-49 also recommends the use of SDAP D or E category in bridges

where abutments resist lateral loads.

Six SDRs are considered for each SDAP category. The elements in the load path, as well

as positive connections between Earthquake Resisting Systems (ERS) shall be properly

designed.

Ductile end-diaphragm in slab-on-girder and other ductile superstructure elements are

permitted for SDR 3, 4, 5, and 6. Some of the requirements for energy dissipation

through ductile end diaphragms are:

Specially detailed diaphragms capable of dissipating energy in a stable manner
and without strength degradation upon repeated cyclic testing are used.

Only ductile energy dissipating systems whose adequate seismic performance has
been proven through cycling inelastic testing are used.

Design considers the combined and relative stiffness and strength of end-
diaphragms and girders (together with their bearing stiffeners) in establishing the
diaphragms strength and design forces for the capacity protected elements.

All details/connections of the ductile end-diaphragms are welded.

The bridge does not have horizontal wind bracing connecting the bottom flanges
of girders, unless the last wind bracing panel before each support is designed as a
ductile panel equivalent and in parallel to its adjacent vertical end-diaphragm.

An effective mechanism is present to ensure transfer of the inertia-induced

transverse horizontal seismic forces from the slab to the diaphragm.
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2.6. AASHTO Guide Specifications for LRFD Seismic Bridge Design

The AASHTO Guide Specifications for LRFD Seismic Bridge Design (2009) is generally

similar to MCEER/ATC 12-49. 1t establishes four seismic design categories (SDC) for

bridges: SDC A, B, C, and D. Each bridge shall be designed to one of the four SDC

categories based on one-second spectral acceleration.

Ductile end diaphragms in slab-on-girder bridges utilized to provide energy dissipation

should have the following characteristics:

Specially detailed diaphragms, which are capable of dissipating energy in a stable
manner without strength degradation, can be used. The diaphragm behavior shall
be verified by cyclic testing.

Only ductile energy-dissipating systems with adequate seismic performance that
has been proven through cyclic inelastic testing are used.

Design considers the combined relative stiffness and strength of end diaphragms
and girders (including bearing stiffeners) in establishing the diaphragms’ strength
and design forces to consider for the capacity-protected elements.

The response modification factor, R, to be considered in design of the ductile

diaphragm is given by:
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where, w is the displacement ductility capacity of the end diaphragm and is not to
exceed 4, Kpgp is the stiffness of the ductile end diaphragm, and Ksyg is the
stiffness of the substructure.

All details/connections of the ductile end diaphragms are welded.

The bridge does not have horizontal wind bracing connecting the bottom flanges
of the girders, unless the last wind-bracing panel before each support is designed
as a ductile panel equivalent and parallel to its adjacent vertical end diaphragm.
An effective mechanism is pesent to ensure transfer of inertia-induced transverse
horizontal seismic forces from the slab to the diaphragm.

All significant inelastic action shall be ductile and occur in locations with
adequate access for inspection and repair. Piles subjected to lateral movement
from lateral flow resulting from liquefaction are permitted to hinge below the
ground line provided the owner is informed and does not require any higher
performance criteria for a specific objective. If all structural elements of a bridge
are designed elastically then no inelastic deformation is anticipated and elastic
elements are permissible, but minimum detailing is required according to the
bridge Seismic Design Category (SDC).

Inelastic action of a structural member does not jeopardize the gravity load

support capability of the structure (e.g. cap beam and superstructure hinging).
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2.7. Canadian Highway Bridge Design Code

The Canadian Highway Bridge Design Code (CSA-S6-00) specifies that superstructure
elements should remain elastic and continuous and clear load path(s) are required to
safely transfer seismic forces to the substructure elements. For bridges of slab, beam-
girder, or box girder construction and with a structurally continuous R/C deck from pier
to pier (or abutment to abutment), the Canadian S-6-00 highway specification does not
require a detailed analysis of earthquake effects on superstructure components. However,
analysis of cross-frames or diaphragms between girders at the abutments and piers is

required.

The specification follows a single level design approach. The seismic design and analysis
procedure is based on Seismic Performance Zone and Importance category. The
following methods of analysis shall be used accordingly: UL (uniform load method), SM
(single mode spectral method), MM (multimode spectral method), TH (time-history

method).

The minimum design force for the design of connecting elements between the
superstructure and substructure are specified as follows: For Single Span Bridges,
regardless of Seismic Performance Zone, the minimum design connection force in each
restrained direction between superstructure and substructure shall be (tributary dead load
at abutment)* S* max(0.05, A). For multi-span bridges in Seismic Performance Zone 1:
the minimum design connection force is 10% of the tributary dead load for A=0.0 or 20%

of the tributary dead load for A=0.05.


http:max(0.05
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For Seismic Performance Zone 2, 3, and 4, the code specifies that capacity-protected
elements, such as superstructures, cap-beams, beam-column joints and foundations shall
be designed using elastic design forces with R = 1.0. Alternatively, these elements may
be designed to have factored resistances equal to or greater than the maximum force that

can be developed by the nominal resistance of the ductile substructure.

2.8. Japan Specification for Highway Bridges

The Japan Specification for Highway Bridges (Japan 2002) does not specifically mention
ductile end cross frames as part of an acceptable earthquake resisting system. However,
after the observations of steel bridge seismic response in the Kobe earthquake it allows
limited secondary hinging in the superstructure, provided careful analysis and design is

performed.

Bridges are grouped into three Seismic Performance Categories. Seismic Performance 1
bridges shall keep their sound function during an earthquake and remain elastic. Seismic
Performance 2 bridges shall sustain limited damage with easy functional recovery.

Seismic Performance 3 bridges sustain no critical damage.

The specification follows a two-level design approach. The first level corresponds to an

earthquake with high probability of occurrence during service life of the bridge (called
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Seismic Motion Level 1). The second level corresponds to a strong but less probable

earthquake that can cause critical damage (called Seismic Motion Level 2).

Depending on their importance, bridges are classified into two groups. Class A bridges
are of standard importance and important bridges are included in Class B group. Both
Class A and B bridges shall be designed for Seismic Performance 1 during Seismic
Motion Level 1. Class A bridges shall also be designed for Seismic Performance 3 under
Seismic Motion Level 2, while Class B bridges shall be designed for Seismic

Performance 2 under Seismic Motion Level 2.

This specification limits non-linearity in the superstructure to controlled secondary plastic
hinges in Seismic Performance 2 and 3. It also states that due to insufficient research,
plastic hinging in steel superstructures remains unclear and, as a result, careful
investigation on allowable ranges of plastic behavior are necessary. Section 14.2.1
“Strength and Allowable Displacement” of the JRA Specifications states that, due to a
lack of accumulated research results and experimental data, many issues still remain
unclear concerning the ultimate strength and deformation of steel superstructures
subjected to reciprocated loading during an earthquake. Analysis of steel superstructures
under these loading conditions are to take into consideration the ultimate strength and
deformation performance of steel in the plastic range and should be compared to

applicable experimental and testing results.
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Section 14.2.2 “Structural Details” of the JRA Specifications states that vertical
reinforcing steel members shall be placed above support locations where local
deformations are likely to occur due to concentrated loading, an example is shown in
Figure 2-1. Also, in order to transfer inertia forces between girders and reduce in plane
deformation, the lower ends of the cross frame or diaphragm shall be placed as close to

the bottom flange of the girders as possible, as shown in Figure 2-2.

Section 15.2 (2) “Design Seismic Force for Verification of Bearing Support System” of
the JRA Specifications states that, for a structure capable of resisting a seismic force
without loss of function (Type A bearing support subjected to Seismic Motion Level 1),
the design horizontal force, Hg, shall be equal to the inertia force calculated using the
proper design horizontal seismic coefficient (defined in Sections 6.3.3 and 4.4 of the JRA
Specifications) and applying the force as shown in Figure 2-3. In order to prevent large
differential displacement between the substructure and superstructure, excessive

displacement stoppers are required.

2.9. Literature Review

The seismic analysis and design of steel highway bridges is not fully developed.
Although cyclic performance of a few individual components (end diaphragms, bracing
members) of the steel bridge superstructure have been investigated by various
researchers, the seismic force distribution in continuous steel bridge superstructures and

its implications on the design of individual components at different performance levels is
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not fully understood. The modeling guidelines that are available are generally for gravity
loads aimed at live load distribution factors and do not address the seismic response of
steel bridge superstructures. The following contains literature reviewed on research
performed on various bridge superstructure components and subassemblies that are

related to seismic issues.

2.9.1End Cross Frames

The importance of end cross frames at support locations in transferring the majority of
transverse loads on bridge superstructures was investigated analytically by Itani and
Rimal (1996). They showed that, for straight bridges, the intermediate cross frames had
minimal effects on the seismic response and will not be subjected to significant forces.
They also showed the potential of using end cross frames to dissipate the seismic energy
by buckling and yielding of the end cross frame members. The investigations by Zahrai

and Bruneau (1999a) showed similar results.

Astaneh-Asl (1996) proposed the use of special ductile end cross frames in steel bridge
superstructures; he used “curved” members to reduce the initial strength of end cross
frame members. Experiments on subassembly models with different configurations of
ductile end diaphragms were also performed by Zahrai and Bruneau (1998b, 1999a,
1999b, 2000). They investigated the performance of shear panel systems (SPS), eccentric

braced frames (EBF), and TADAS systems in ductile end cross frames. Despite trimming
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the top of the bearing stiffeners, considerable post-yield stiffness was observed in these

experiments.

Investigations on single angle X-braces in cross frames of steel plate girder bridges by
Jain (1978), Astaneh-Asl (1982), Itani (1991), Sabelli (2001), and Carden (2005)
identified a tendency towards strength and stiffness degradation due to buckling of the
compression members. Also, limits on b/t and KL/r ratios were proposed to achieve
ductile response and delay the local buckling and fracture.

Carden et al (2005), in his investigation of ductile end cross frames, observed drifts up to
7% in the girders with no damage to the girder and minimal damage to the R/C deck. He
showed that a rocking mechanism, allowing the girders to twist using rotationally flexible
bearings and no shear studs directly over the bearing stiffeners, is effective in allowing
these large drift levels. Furthermore, these experiments illustrated the effect of the end
conditions of the top chord. These experiments used a single bolt at the ends of the top

chord to allow rotations of the plate girders.

Carden et al (2006) investigated different methods of single angle end connections that
are used in the X-braces. Experiments were performed on a series of 17 single angles,
which represent those used as the diagonal components in different configurations of X-
braces in the bridge model. Two sizes of angles were used with different lengths to
represent the full and unrestrained half lengths of the diagonals in the X-braces. Some of
the angles had simple bolted connections to the gusset plate with an A,/Aq ratio of 0.81,

others had bolted connections which were reinforced in the connection region by welding
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a plate to the connected leg in order to increase the An/Ag ratio to as much as 1.0. The
remaining angles used welded connections between the member and the gusset plates.
Cyclic axial loads and deformations of increasing amplitude were applied to each of the
angles and a brief summary of the results from component experiments, as detailed by

Carden et al. (2005b), is presented.

A typical hysteresis loop, showing the axial force versus axial deformation for one of the
single angles, is given in Figure 2-5. This figure shows that the angle yields in tension
followed by an increased tensile strength due to strain and cyclic hardening during
subsequent cycles. In compression, buckling is observed resulting in an immediate
degradation of the compressive strength of the member, which continues upon
subsequent cycles. In formation of a buckling mechanism, three plastic hinges were
observed, one at midspan and two at the ends of the member. Stiffness degradation was
also observed in these members as the deformation necessary to reach a given tensile
force increased in each successive cycle. The stiffness degradation is attributed to plastic
elongation of the members during the load reversals, which is not recoverable because
axial deformation in compression is largely due to lateral buckling. This degradation in
stiffness resulted in a degradation in energy dissipation with successive cycles. Despite
these unfavorable characteristics, the angles were able to undergo a large number of
cycles at large axial deformations, and particularly so when more favorable connection

details were used, as described below.
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The failure mode of the members depended primarily on the type of connection. Bolted
specimens with unreinforced connections fractured in the region between the edge of the
angle and the first bolt hole in the connected leg; failure was observed much earlier in
members with this type of connection than in the other members. In contrast, with
reinforced bolted connections, which had an increased An/Aq ratio, the failure was moved
to outside the connection region. Failure in these members occurred in the plastic hinge
formed during buckling at either end of the member with a crack propagating from the
edge of the connected leg. Connections with balanced welds resulted in even greater
improvement in the performance of the angles. The balanced welds were designed such
that the length of the weld on one side of the outstanding leg, compared to the length of
the weld on the other side, was inversely proportional to the distance from each side to
the centroid of the section. The welded members failed in the plastic hinges which
formed either at the end of the angle or at midspan. Balanced welds appeared to delay
the initiation of cracking at the edge of the connected leg due to apparently lower stress

concentrations in this region compared to the other connection configurations.

The ultimate axial strain, defined as the axial deformation divided by the length of the
members between the centroid of the connections at which fracture occurred, was used to
measure the ultimate axial deformation capacity of the members. For members where
fracture was observed at the bolt holes, the ultimate strains ranged from 3.1 to 5.5%. For
members where fracture was prevented in the connection region and occurred in the

plastic hinge locations, the ultimate axial strain ranged from 6.0 to 12.2%. Therefore,
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designing members to prevent fracture in the connections resulted in angles with a large

deformation capacity.

Buckling restrained braces, or unbonded braces, are gaining increasing popularity in the
building industry (Sabelli 2001, 2003). Theses braces have the capability to dissipate
significant seismic energy. The unbonded braces manufactured by the Nippon Steel
Corporation (Wada 1989) have cruciform steel cores surrounded by a steel tube filled
with mortar (Clark 1999). Carden et al (2004) investigated the seismic performance of a
bridge model with buckling restrained braces (BRB) as end cross frames. He observed
that the use of BRBs resulted in smaller drifts at the ends of the girders with a base shear
equivalent to that of X-braces. Celik and Bruneau (2007) showed numerically that BRBs
can be used in skewed and non-skewed bridges to dissipate seismic energy. They
proposed several retrofit schemes for bidirectional-resistant ductile end diaphragms with

unbonded braces.

2.9.2.Lateral Load Path and Effect of Composite Action

Earthquake loading in the transverse direction causes transverse bending of the
superstructure, resulting in transverse reactions at the abutments and piers. Since the
reinforced concrete deck and crash barriers typically account for about 80% of the weight
of a steel plate girder bridge, the majority of the inertia loads are generated in the deck
slab. Furthermore, the bearings are attached to the bottom flange of the girders,

therefore, the inertia loads must be transferred from the slab to the bearings through
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various components in the superstructure. Numerical analyses have shown that the loads
are largely distributed through the superstructure at the ends of each span rather than
along the length of each span. The forces are then distributed vertically through the cross
frames at the piers and abutments to the bearings (Itani and Rimal 1995 and Zahrai and
Bruneau 1998a). Since the primary function of the bearings is to allow the bridge to
expand and contract longitudinally due to temperature variation, the bearings usually
permit movement only in the longitudinal direction and are restrained in the transverse
direction. Thus, the transverse shear forces in the bearings are transferred to the
abutments and piers through these restraints (shear keys or guide bars). If the bearings are
also restrained in the longitudinal direction, as in the case of rotation-only bearings (i.e.,
pinned bearings), then longitudinal forces may also be transmitted to the abutments and

piers.

For longitudinal ground motion, the inertia forces are transferred from the deck into the
girders using shear connectors along the length of the bridge. From the girders, the loads
are transferred into the bearings and substructure. Longitudinal deformation in the
bearings are typically limited by the abutment once the expansion joint has closed and,
for longer span bridges, by restraints at the piers which are activated after the limit of the

bearing deformation

For earthquake ground motions in the longitudinal direction, the inertia forces can be
distributed from the deck into the steel girders through the shear connectors along the

entire length of the bridge since the shear connectors run parallel to the direction of
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loading. However, in the transverse direction, the distribution of forces in the shear

connectors varies along the length of the bridge.

Numerical analyses have been performed on a typical four span, four girder, steel plate
girder bridge in order to investigate the effect of composite action in the transverse
response of a bridge. The bridge was modeled as fully composite along the entire length
with shear connectors on the top flange of each girder in both positive and negative
bending moment regions in accordance with the AASHTO LRFD Bridge Design
Specifications (AASHTO, 2006). Application of transverse earthquake loads showed
that the transverse shear forces in the shear connectors were very high within,
approximately, 39 in. of the ends of each span but were negligible along the remaining
length of each span. This behavior is consistent with observations made during an
ultimate load test on a single span bridge model by Carden et al (2001), shown in Figure
2-4. It is apparent that most of the transverse loads are transferred from the deck to the
substructure at the immediate ends of each span, highlighting the importance of
composite action in this region. Although, for this bridge model, the finite element
analyses showed that the maximum forces in the shear connectors were about 50% of
their design strength at the ultimate limit state of the columns, the concentration of forces

may be damaging in other bridges.

Many bridges may have no shear connectors in the negative moment regions depending
on the designer’s decision to include longitudinal deck reinforcement in the design

considerations. A second numerical model was used to investigate the impact on the load
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path when there are no shear connectors in this region. In this model, large forces were
found to occur in the shear connectors at the transition from positive to negative moment
(i.e., at the points of contraflexure) where the composite region ended. Since additional
shear connectors had been placed at these points to help make the transition from
composite to non-composite action, the forces in the shear connectors were, in fact,
below design levels. However, the load path from the contraflexure points to the piers
was now through the girders and large weak-axis bending moments were induced in each
non-composite girder. When combined with gravity load stresses, the resulting stresses
caused nonlinear behavior in the girders before the plastic capacities of the columns were

reached.

When there is no composite action between the deck and the girder in the negative
moment regions, the intermediate cross frames between the contraflexure points and the
ends of each span become important elements in the lateral load path and should also be

explicitly designed for earthquake loads.

To ensure a favorable load path, it is recommended that adequate composite action be
provided between the girders and the deck for transverse earthquake loading along the
full length of the girders and, if this is not possible in the negative moment regions, the
top chord of the end cross frames should be made composite with the deck. As shown
later, this technique can be very effective in transferring the earthquake loads directly
from the deck into the cross frames and then to the bearings. Such a load path by-passes

the intermediate cross frames, the girders between the contraflexure points, and the
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abutments or piers, and significantly reduces the demand on these elements. This
connection should be designed to carry the full earthquake shear at the abutments or
piers. Note that if the top chord of the cross frame is made composite in the negative
moment regions, while the girders are non-composite with the deck; this chord is likely to
be subjected to stresses in the longitudinal direction due to service loading on the bridge.
These stresses should be accounted for in the design of the composite connection.
Consequently, it is recommended that, in high seismic zones, the girders be made fully

composite in both the positive and negative moment regions.

2.9.3.Shear Connectors

The shear connectors play a vital role in transferring seismic forces from the deck to the
support cross frame. Carden (2005) showed that the shear connectors between the deck
and girders are among the critical components in the transverse load path and need to be
seismically designed. Slutter and Driscoll (1965), Ollgaard et al (1971), Oehlers and
Johnson (1987), Lloyd and Wright (1990), and Oehlers (1995) have studied the strength
of shear connectors in composite beams. The degradation of strength and stiffness in the
concrete to girder studded joint during unidirectional cyclic loadings was observed in
studies by Gattesco (1996) and Seracino (2003). The seismic performance of shear
connectors was investigated by Hawkins and Mitchell (1984). They showed stiffness
degradation under repeated loading. To enhance ductile behavior of shear connectors,

McMullin and Astaneh-Asl (1994) placed a cone around shear connectors.
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Mouras et al (2008) found that the capacity of a reinforced concrete deck is generally
sufficient in transferring moments to girders, making the limiting factor the tensile
strength of the shear connectors used to attach the deck to the girder. Steel box girder
bridges are fracture critical only if there are unable to support load after a fracture event.
Key to bridge survival after a fracture is support of the fractured girder by the remaining
structure through the transfer of load by the shear studs acting in tension. The ability of
the shear connectors to carry these tensile loads in a ductile fashion is vital to supporting

a fractured girder.

The current TXDOT standard shear connector detail (Mouras et. al. 2008) in a haunch has
been shown to have both a very low tensile strength and virtually no ductility. Different
configurations of the shear connectors were evaluated to find alternate geometries with
better strength and ductility characteristics. The effects of dynamic loading from a
fracture event were also investigated, along with the effects of eccentric loading of the

connections.

Axial tests on the 48 shear connector specimens (Mouras et. al. 2008) produced several
clear conclusions on the connection behavior:
e When calculating the tensile strength of shear connectors, the effective height
should only account for the portion of the connector above the haunch.
e When calculating the tensile strength of groups of shear connectors, a group effect
modification factor should be used to account for lowered capacity of connectors

placed with small longitudinal and transverse spacing.
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= If the breakout cones of connectors in tension include reinforcement, there will be
increased strength and ductility.

e The most efficient configuration for shear connectors is to have them tall enough
to engage the reinforcement, increasing the strength and ductility, and spaced at
three times their effective height. If the spacing is less than three times their
effective height, ductility is increased and strength is decreased. The opposite is
true if the spacing of the connectors is greater than three times their effective
height.

e Longitudinal spacing of the shear connectors has a greater effect on the strength
and ductility of the connectors than the transverse spacing. This is due to the
reduction of reinforcement included in the concrete breakout cone in the
transverse direction.

e The strength of shear connectors in tension is increased when subjected to
dynamic loading; however, the ductility is decreased. The tensile strength of the
longitudinal shear connectors are increased by a factor of between 1.15 and 1.18,
while single connectors and transverse connectors are increased by a factor of

between 1.29 and 1.43.

2.9.4.Seismic Modeling of Steel Plate Girder Superstructures

When calculating the lateral period of plate girder bridge, it is common practice to model
the superstructure as an equivalent beam supported on columns (Priestley et. al. 1995,

Buckle et. al. 1986), with or without foundation springs. The effective transverse
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stiffness of this equivalent beam is calculated considering that the deck and girders act as
a single cross-section. While this approach is acceptable for concrete bridges and box-
girder superstructures, it may not be adequate for some types of plate girder bridges.
Typically, in such bridges, the R/C deck is supported on I-shape beams interconnected by
a few discrete cross frames and the mechanism by which the seismically-induced inertia
forces at the R/C deck level are transmitted to the bearings can be quite different from
that assumed by the equivalent beam model. The magnitude of this difference is
determined by the effectiveness of the cross frames and can be quite large in bridges
having flexible cross frames. It is important to represent the lateral stiffness of the
superstructure correctly, since it has a direct impact on the bridges period and,
consequently, on the level of earthquake excitation in the superstructure, bearings, and

substructure.

A first step towards understanding the behavior of these bridges is to study a bridge
without cross frames. Such a model would be valid for bridges having severely corroded
cross frames or with only nominal cross frames (such as single channels bolted along
their web) as frequently encountered in Eastern United States. Likewise, bridges having
cross frames with non-ductile connection details could potentially become bridges

without cross frames once brittle failures develop in these connections.

The lateral behavior of such plate girder bridges with various span lengths was
investigated by Zahrai and Bruneau (1998a). The calculated period of the first lateral

mode of vibration, which gives rise to maximum drift in the superstructure, as well as
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spectral acceleration required to produce first yield, are presented by Zahrai and Bruneau
(19984) as a function of span length along with comprehensive analytical expressions that
capture that behavior. Although these response parameters vary non-linearly as a
function of span length in a complex manner, the general trend is that the lateral periods
and maximum lateral deflections are very large compared to values typically reported for
plate girder bridges in the literature, reflecting the extreme flexibility of the
superstructure in the absence of cross frames. The concrete superstructure displaces
laterally, nearly as a rigid body, while the flexible steel girders twist and deform laterally,
spanning between the deck and the supports. Closer examination of the steel beams
reveals that they are most severely distorted near the supports. Indeed, in each girder, the
bearing supports are the only points which can counteract the lateral deformation of the

web and hold the lower flange under the deck.

Analytical and experimental investigations have revealed the key role played by the end
cross frames to ensure an adequate load-path in plate girder bridges. For bridges with
cross frames, analyses have shown that even a set of frames with low lateral stiffness is
sufficient to make the entire superstructure behave as a unit and remain in the elastic
range. However, a dramatic shift in seismic behavior occurs once an end cross frame
ruptures, involving a sizeable increase of the lateral period and a corresponding increase

in drift.
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2.9.5.Comparison between Elastic and Ductile Cross Frames

Carden et al (2005) investigated the transverse seismic performance of a plate girder
superstructure using a single span model of a two-girder bridge, shown in Figure 2-4.
This bridge model has been used for many experiments in recent years to investigate the
effect of different components in the transverse load path (Carden et al., 2005a), but the
focus of this section is the investigation of ductile end cross frames that use single angle
X-braces.

According to test results, the maximum response of the bridge model with the ductile X-
braces to 1.0, 1.5 and 2.0 times the El Centro earthquake is summarized in Table 2-1 and
is compared to the response with “heavy” X-braces that remained elastic for the same
earthquake excitations. The transverse displacements in Table 2-1 are based on the end
R/C deck displacement relative to the bottom flange displacements and the forces are
given by the load cells, with the values averaged between the two ends. As expected, the
bridge model had the largest end shear forces with the elastic X-braces and the difference
between the elastic and ductile response increased as the level of earthquake excitation
increased. At 1.5 times the El Centro earthquake, the ductile X-braces experienced only
61% of the elastic base shear. Extrapolating for larger excitations, a further, comparable
reduction is expected. Parametric studies have shown that different cross frame
configurations, without the limitations in section sizes associated with scale modeling,
could result in even lower relative shear forces than those observed in the bridge model

(Carden et al., 2005b).
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Table 2-1. Comparison of bridge model response with ductile X-braces and elastic X-braces

1.0 El Centro Earthquake 1.5 El Centro Earthquake 2.0 El Centro Earthquake

System Max. Max Max. Max Max. Max.
Shear/ Displ. Shear/ Displ. Shear/ Displ.
Weight (in) Weight (in) Weight (in)

Elastic 0.65 0.079 0.99 0.150 1.24 0.201

X-Braces

Ductile 0.51 0.154 0.70 0.476 0.76 0.799

X-Braces

Notes: 1. Displacements are measured at the deck slab relative to the transverse bearing

displacements
2. Input record is the 1940 El Centro earthquake, amplitude scaled as shown.

2.9.6.Conclusions

Few, if any, codes require that the superstructures of typical highway bridges be
explicitly designed for seismic loads, assuming that if the gravity load requirements are
satisfied, the superstructure has adequate in-plane strength, by default, to distribute

seismic loads to the piers and abutments.

However, the damage sustained by steel plate girder bridges in recent earthquakes
indicates that this assumption is not applicable to plate girder superstructures and that
such systems should be explicitly designed for lateral loads. It is noted that the AASHTO
LRFD Specifications for the seismic design of steel bridges are relatively silent on this

class of bridge, requiring only that a clear load path be identified for lateral loads.

The lateral load path is dependent on the nature and extent of the composite action

between the deck and supporting girders. In bridges where the shear connectors do not
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extend through the negative moment zone, there are discontinuous load paths and special
care is required at the transition from positive to negative moment (i.e., point of
contraflexure). Likewise, the cross frames are critical elements in the load path,
particularly the end frames over the piers and abutments. The intermediate frames are
much less important unless the shear connectors are discontinuous and not used in the
negative moment zone. In this case, all the cross frames from the contraflexure point to
the pier (or abutment) play an important role. For adequate performance during strong
shaking, all of the elements in the load path need to be explicitly designed for seismic
forces, including the shear connectors for composite action and the end cross frames that

complete the load path to the bearings.

Whereas designing the superstructure for strength is relatively straightforward, allowing
the cross frames to yield has the advantage of reducing the shears transmitted to the
substructures, with corresponding savings in their cost and the cost of the foundations. In
the past, the extent of this yielding has been limited by the need to protect the elements in
the gravity load path that are necessary for post-earthquake functionality. Experimental
and numerical studies are described in this paper in which the cross frame is connected to
the deck through the top chord rather than the top flange of the girder, which was then
free to rock under the deck. In this way large inelastic drifts could be accommodated
without distortion of the girders and little or no distress to the girder-deck connection.
Corresponding shears in the bearings were reduced significantly. As a consequence the

substructure and foundation forces were reduced and functionality of the superstructure
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was preserved. Further work on this type of cross frame is required to develop practical

details for field implementation, and the development of design guidelines.



Figure 2-1. JRA Specifications, reinforcement at bearing support

Figure 2-2. JRA Specifications, minimized space at lower ends of lateral support
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Figure 2-3. JRA Specifications, application of horizontal earthquake force
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Figure 2-4. Two-girder steel bridge model subjected to reversed static load transverse loading
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Figure 2-5. Typical force versus displacement relation for axial loading of a single angle
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CHAPTER 3 LATERAL SEISMIC LOAD PATH AND
EFFECTIVENESS OF DUCTILE END CROSS FRAMES

3.1. Introduction

As part of the analytical investigations and parametric studies, pushover and nonlinear
time history responses of finite element models for two, three, and four-girder single and
multi-span bridge superstructures were investigated. Based on these results, the
effectiveness and the potential shortcomings of ductile end cross frames were identified.
One of the major findings was that the stiffness of the substructure plays a detrimental

role in attracting the seismic forces to the end cross frame. Furthermore, it was found
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that the seismic demands on shear connectors at support locations are high. Without
proper design of these connectors, premature failure will occur and may cause the deck to
slide over the girders. This failure mode will interrupt the load path and the seismic
forces will not transfer to the substructure. Therefore, a clear load path should be
identified during seismic analysis and limit state methods of design should be used for the

superstructure and substructure.

3.2. Seismic Performance of a Three-Span Five-Girder Bridge

3.2.1.Introduction

This section discusses the results of the analytical parametric investigations performed on
a three-span five-girder bridge with substructure. This bridge was designed by Caltrans
engineers (Caltrans 2007) to be used in Caltrans Bridge Design Practice for training

purposes.

3.2.2.Description of Analytical Models

Figure 3-1 shows plan and elevation views of the bridge. The bridge consists of three
span continuous composite steel plate girders with span lengths of 110ft, 165ft, and 110ft.
The original design has the third span equal to 125ft; however, the third span was
changed in this investigation to 110ft to maintain symmetry. The deck is an R/C deck 9
1/8 in. thick. The superstructure consists of five girders spaced at 12ft. The total width

of the superstructure was 58ft. All intermediate cross frames were spaced at 27.5 ft (330
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in). The intermediate cross frames had chevron bracing members with L4x4x5/16 in.
connected to the bottom chord of L6x6x1/2 in. Studs were present over the positive
moment region as well as at minimum spacing over the negative moment region at
interior supports. The top chord of the end cross frames were connected to the R/C deck

at bents and abutments.

Elastomeric bearings with transverse shear keys were designed according to AASHTO
LRFD Section 9. Figure 3-2 shows the details of elastomeric bearings used in the
parametric investigations. Vertical and rotational springs were used at the supports to
model the vertical and rotational stiffness of the elastomeric bearings. The elastomeric
bearing stiffness properties that were included in the analytical model are shown in Table

3-1.

Table 3-1. Elastomeric bearing properties

Vertical Stiffness Rotational Stiffness
(Kips/in) (Kips-in/rad)
Abutments 3,284 64,650
Bents 6,829 225,000

The computer program SAP2000 was used in the analytical investigation. The steel
girders, stiffeners, and decks were modeled with SHELL elements. Intermediate and end
cross frames were modeled with FRAME elements. Shear studs were modeled using
linear NLLINK elements. Three rows of studs (7/8 dia.) at 15 in. intervals were modeled
on top of each girder. The 15 in. spacing provided an even number of rows of studs

between intermediate cross frames (330”/15” = 22 rows). The spacing of these studs was
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doubled in the negative moment region. The shear capacity of each shear stud according
to AASHTO specifications is 36 kips. For pushover analyses, nonlinear elements were
assigned to end cross frame bracing members only. For nonlinear time history analyses,
the end cross frame braces were replaced with nonlinear NLLINK elements with multi-

linear plastic Takeda hysteretic properties.

Table 3-2. Shear connector parametric study
Shear Connector Properties

A B C
Over Supports’ Over Supports’ Over Supports’
Transverse Stiffness=Rigid Transverse Stiffness=1000 Transverse Stiffness=500
Axial Stiifness=2500 K/in K/in Kl/in
Elsewhere?: Axial Stiifness=2500 K/in Axial Stiifness=1000 K/in
Transverse Stiffness=Rigid Elsewhere? Elsewhere’:

Axial Stiifness=2500 K/in Transverse Stiffness=Rigid Transverse Stiffness=Rigid
Axial Stiifness=2500 K/in Axial Stiifness=2500 K/in

Studs over top chords

1 and bearing stiffeners at v v v
supports®
Connection Studs removed over
2 bearing stiffeners at v
Types i
supports

Studs removed over top
3 chords and bearing v

stiffeners at supports®

“Top chord pinned to the bearing stiffener
*Torsional stiffness released
Major and minor bending stiffness: Rigid

The effect of various shear connector effective stiffness on the pushover response was
investigated. Table 3-2 tabulates the cases considered. The results of the investigations
showed that connectors modeled with higher stiffness tended to take on higher forces,
causing yielding and nonlinearity. Therefore, the stiffness of the connectors close to the

support locations was reduced to effective stiffness to account for the nonlinear behavior
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of the studs in these regions. Model C1 in Table 3-2 was chosen for the modeling of the

shear connectors in the parametric studies.

The general view of the SAP2000 model on rigid supports is shown in Figure 3-3 and the
mesh pattern is shown in Figure 3-4. Total weight of the superstructure is 3407 Kips.
Dead load analysis showed that each abutments carries 331 kips while the bents carry

1372.5 Kips each.

Three elastic substructure stiffnesses were considered in this study: Rigid supports and
two different column heights (25 and 50 ft) for the interior two-column bents with rigid
bent caps. Columns were of circular cross section 5 ft in diameter. Figure 3-5 show the
analytical model of the bridge with 25 ft and 50 ft bents. Abutments are assumed rigid in

the transverse direction.

Conventional X-bracing was used for the ductile end cross frames. The end cross frame
bracing members were designed to have a total support yield force of 650 kips. This
required L4x4x1/2 bracing members. This brace size was purposely kept the same
throughout different analysis cases in order to compare the effects of other parameters on

the response.

Table 3-3 shows the periods and their respective modal participating mass ratios for each
model. The longitudinal and transverse directions are global X and global Y direction in

the model.
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Table 3-3. Modal participating mass ratios for various substructure stiffnesses
3-Span 5-Girder Bridge

Rigid Supports Bent Height = 25 ft Bent Height = 50 ft
Mode Period (s) UX Uy Uz Period (s) UX Uy Uz Period (s) UX Uy Uz
1 4.176 100% 0% 0% 4.188 96% 0% 0% 4258 93% 0% 0%
2 0.384 0% 0% 9% 0.385 0% 0% 10% 0.463 0% 83% 0%
3 0.380 0% 0% 0% 0.382 0% 2% 0% 0.456 0% 0% 0%
4 0.208 0% 0% 0% 0.296 0% 83% 0% 0.386 0% 0% 10%
5 0.202 0% 79% 0% 0.209 0% 0% 0% 0.377 0% 3% 0%
6 0.186 0% 3% 0% 0.188 0% 0% 0% 0.215 0% 0% 0%
7 0.143 0% 0% 0% 0.165 0% 0% 0% 0.189 0% 0% 0%
8 0.113 0% 15% 0% 0.113 0% 13% 0% 0.113 0% 12% 0%
9 0.084 0% 0% 0% 0.086 0% 0% 0% 0.088 0% 0% 0%

Two methods of analysis were used: Pushover analysis based on first transverse mode
and nonlinear time history analysis in the transverse direction using 2x El Centro ground
motion (NS component). The El Centro ground motion was chosen for the time history
analysis because it was used in the past experimental and analytical investigations at the

University of Nevada, Reno on ductile end cross frames (Carden et al, 2005).

3.2.3.Response of Ductile X-braced Bridge with Rigid Supports

3.2.3.1. Pushover Analysis

Mode 5 was the dominant transverse mode with a period of 0.20 seconds and 79% mass
participation, as shown in Table 3-3. The pushover was performed using mode 5 load
pattern and the deformed shape is shown in Figure 3-6. The pushover curve is shown in
Figure 3-7. The control point is located on the top flange of the girders at the abutments
and at the bents. The force-displacement plots at Abutments 1 and 4 are the similar
because of symmetry. This is also true for the force-displacement plots at Bents 2 and 3.

The displacement at the bents is larger than that at the abutments. This is because more
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forces are attracted to the bent which is due to rigid substructure assumption. For
example, in Figure 3-7, the bent displacement at the end of pushover analysis is 6 in.
while at the abutment it is 4 in. only. In other words, when the drift at the bents is 7.5%,

the corresponding drift at the abutment is only 5%.

Figure 3-8 shows the deformed shape of the deck in during pushover analysis when the
abutment transverse displacement is 5 inches (4% drift). This figure shows the vertical
deformation contours of the deck which clearly indicates the torsional response of the
bridge superstructure (up and down movement of opposite edges of the R/C deck) as the
transverse displacement at the end cross frames are accommodated. This phenomenon

can also be observed in the flexible substructure cases.

Figure 3-9 shows the VVon Mises stress (in ksi) in the steel girders when the abutment
drift is 1.3% during the pushover analysis. The areas near the supports, especially at the
rigid bents, experience the highest stress demands followed by the center span exterior
girders. The exterior girders experience major axis bending during pushover as a result of

twisting of the bridge, as shown in Figure 3-8.

3.2.3.2. Shear Connector Force Distribution

Figure 3-10 shows the schematic view of the connector pattern on the top flange of the
plate girders. Connector 2 is the middle connector and is located in the plane of girder

web, while Connectors 1 and 3 are on the sides of Connector 2. In subsequent plots, P
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represents axial force in the connectors, VL is the shear force on the connectors in
longitudinal direction, and VT is the shear force in the connectors in transverse direction.
The numbers that follow the aforementioned letters refer to the connector number. An
additional plot is shown that sums up all the transverse forces in the three connectors

along the length of the bridge (plot “d”).

The connector force distribution over the entire superstructure for Girders 1, 2 and 3 at
abutment drift level of 1.3% is shown in Figure 3-11, Figure 3-12, and Figure 3-13,

respectively.

Figure 3-11(a) shows the axial force distribution in each of the connectors on Girder 1
along the length of the bridge superstructure at 1.3% drift. This plot shows that the
transverse seismic force creates large axial force demands on the connectors directly over
the supports (abutments and bents). The middle connector shows minimal axial force

while the connectors on either side are subject equal and opposing axial forces.

Figure 3-11 (b) shows the longitudinal shear force distribution in the connectors in Girder
1. The distribution indicates force transfer between the R/C deck and steel girders as the
composite section resists the transverse seismic forces though bending in the plane of the
deck. The peaks in the plot over the supports suggest that, due to rigid supports, the

bridge superstructure spans between its successive supports.
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Figure 3-11 (c) shows the transverse shear force distribution in the connectors in Girder
1. This distribution is the result of combined transverse shear force transfer between the
R/C deck and steel girders and torsional moment on the whole superstructure. The
torsional moment causes out of plane bending in deck. This bending moment results in
equal and opposite transverse shear force in the connectors on either side of the girder.
These opposing forces cancel out once all the forces on a row of connectors are summed

up, as shown in Figure 3-11 (d).

Figure 3-11 (d) shows the total transverse shear force from the three connectors on Girder
1 at 1.3% drift. The high peaks near the supports indicate significant force transfer
between the R/C deck and steel girders. The small peaks seen in this plot are at the
location of intermediate cross frames. This shows that the intermediate cross frames

attract some of the transverse seismic forces.

The significant observation here is that the shear connectors in a composite steel plate
girder superstructure not only resist shear in the longitudinal direction, but they also
experience significant multi-axial forces (axial and transverse shear) during a seismic
event. With peaks occurring near the supports, the connection of the R/C deck via shear

connector to the top flange of the girder may be vulnerable in these regions.

Furthermore, it should be noted that the shear connectors in this study have been modeled
as behaving linearly with an effective axial and shear stiffness. The large peaks in the

plots for the shear connector forces clearly surpass the elastic range for these connectors;
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which indicates damage to the connection between the R/C deck and the steel plate top
flange. The nonlinearity in the shear connectors near the supports will lead to
redistribution of the forces in the connectors in their vicinity, which in turn will translate
into a damaged zone (over a certain distance) near the supports.

The stud force distribution at 5% drift is shown in Figure 3-14, Figure 3-15, and Figure
3-16, respectively. At 5% drift, the end cross frame effective stiffnesses are significantly

reduced.

3.2.3.3. Cross Frame Force Distribution

The distribution of the axial forces in the cross frame bracing members at different
abutment drift levels are plotted in Figure 3-17. The peaks in the plot show the axial
force in the bracing members of the support cross frames. As mentioned before, the bent
cross frames experience larger displacements than the abutments because more forces are
attracted to the bents. Therefore, it is expected that the bent cross frames would yield
first. In fact, the braces at bents started to yield when the abutment drift is only 0.09%.
The abutment braces started to yield at 1.3% drift that is why the axial forces in the
abutments and bents are about the same at this drift level as shown in Figure 3-17. At 5%
abutment drift, the bent cross frames exceeded its ultimate capacity and the load is
dropped to 20% of the yield capacity while the abutment cross frame forces is at its

maximum.
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It can be observed that the axial force distribution in cross frames follows the same
pattern as the transverse shear distribution in the shear connectors. Another observation is
that once the diagonal bracing of bent cross frames dropped the load (i.e. ultimate
capacity was exceeded) some of the intermediate cross frames were subjected to seismic
forces equal to about one-fourth of the support cross frame forces. This is due to
redistribution in the seismic forces after the diagonal bracing of bent cross frames have
ruptured. Rupture of the diagonal bracing can be avoided by limiting the drift in the
superstructure. The proposed guidelines (Appendix 4) recommend a maximum drift of

4%.

3.2.3.4. Nonlinear Time History Analysis

The results of the nonlinear time history analyses that are processed in terms of hysteresis
loops are shown in Figure 3-18. The hysteresis loops represent the total shear force at the
abutments and bents versus their respective ductile end cross frame transverse

displacements.

Figure 3-18 shows that the cross frames at the abutments remain elastic while the seismic
energy is dissipated through nonlinear behavior at the rigid bents. This agrees with
pushover results, which predicted larger displacement demands at the rigid bents in

comparison with the abutments.
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Figure 3-19 shows the linear elastic time history analysis of the bridge subjected to 2x El
Centro ground motion. By comparing the results shown in Figure 3-18 and Figure 3-19,
the beneficial effects of the ductile end cross frames at the bents in reducing the base
shear with increased drift is clear. It can be noted that while the end cross frames at the
abutments remain elastic, the base shear at the bents is reduced to 61% of the elastic base

shear.

3.2.4.Response of Ductile X-braced Bridge with 25ft High Bents

3.2.4.1. Pushover Analysis
Mode 4 was the dominant transverse mode with a period of 0.30 seconds and 83% of the
participating mass. The pushover was performed using mode 4 load pattern and the

deformed shape is shown in Figure 3-20. The gravity load demand (Pu/¢CAg f'. ) on the

columns is 20%. All columns remain elastic during the analysis.

Figure 3-21 shows the Von Mises stress (in ksi) in the steel girders when the abutment
drift is 1.37% from the pushover analysis. The areas near the supports, especially near
the bents, experience the highest stress demands followed by the center span exterior
girders. The exterior girders experience major axis bending during pushover because of

twisting of the bridge, as shown in Figure 3-20.
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3.2.4.2. Shear Connector Force Distribution

The connector force distribution along the entire superstructure at an abutment drift level
of 1.37% is shown in Figure 3-22, Figure 3-23, and Figure 3-24, respectively. The stud
force distribution along the entire superstructure at the abutment drift level of 5% is
shown in Figure 3-25, Figure 3-26, and Figure 3-27, respectively. The forces are shown

for only three of the five girders due to symmetry.

Since the abutments are rigid and the bents are flexible, the connector force distribution
shows that more force is attracted to the abutments than the rigid substructure case.
Therefore, the forces over the abutment increase while forces over the bents decrease due

to bent flexibility.

3.2.4.3. Cross Frame Force Distribution

The distribution of the axial force in the cross frame bracing members at different drift
levels are plotted in Figure 3-28. It can be noted that the brace axial force distribution in

cross frames follows the pattern of transverse shear distribution in the connectors.

3.2.4.4. Nonlinear Time History Analysis

Figure 3-29(a) and Figure 3-30(a) show the 2xEl Centro nonlinear time history results.
Figure 3-29 (a) shows the base shear versus total displacement at abutments and bents.
The hysteresis loops in Figure 3-30 (a) show the bents shear force versus the relative

displacement of the end cross frames located at the bents. Due to the transverse restraint,
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the relative and total displacements are the same for both abutments. It can be observed
that the end cross frames at the abutments are starting to behave nonlinearly and dissipate
seismic energy through hysteretic response. The ductile end cross frames at the bents are

still effective in dissipating energy through hysteretic behavior.

The pushover curves corresponding to total and relative displacements are shown in
Figure 3-29 (b) and Figure 3-30 (b), respectively. The absolute displacement is taken as
the transverse displacement of the end cross frame with respect to ground. The relative
displacement is the difference between the end cross frame displacement and the bent cap
displacement. The control point is located on the top flange of the girders at the
abutments and bents. The pushover plots of Abutment 1 and 4 and the pushover plot of

Bents 2 and 3 are similar.

3.2.5.Response of Ductile X-braced Bridge with 50ft High Bents

3.2.5.1. Pushover Analysis

Mode 2 was the dominant transverse mode with a period of 0.46 seconds and mass
participation of 83%. The pushover analysis was performed using mode 2 load pattern

and the deformed shape is shown in Figure 3-31. The gravity load demand (P, /¢.A, ', )

on the columns is 20%. All columns remain elastic during analysis.

Figure 3-32 shows the VVon Mises stress (in ksi) in the steel girders when the abutment

drift is 1.38% from the pushover analysis. The areas near the supports at the abutments



67

experience the highest stress demands followed by the center span exterior girders. The
steel girder stresses at the bents are low due to the flexibility of the substructure and the
fact that little transverse force is transferred at these locations. The exterior girders
experience major axis bending during pushover because of twisting of the bridge, as

shown in Figure 3-31.

3.2.5.2. Shear Connector Force Distribution

The connector force distribution over the span at the abutment drift level of 1.3% is
shown in Figure 3-33, Figure 3-34, and Figure 3-35. The connector force distribution
over the span at the abutment drift level of 5% is shown in Figure 3-36, Figure 3-37, and

Figure 3-38.

The plots clearly show a shift of load path. The highly flexible 50 ft bents carry very
small portions of the total seismic force in the transverse direction. The superstructure
literally spans from abutment to abutment in resisting the transverse forces and the

connector force distributions clearly show this phenomenon.

3.2.5.3. Cross Frame Force Distribution

The distribution of the axial force in the cross frame bracing members at different drift
levels are plotted in Figure 3-39. It can be noted that the axial force distribution in the
cross frames follows the pattern of transverse shear distribution in the shear connectors.

The brace forces in the intermediate cross frames have decreased compared with those of
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similar drifts in the two previous cases with rigid substructure and 25 ft bents due to

reduction of the torsional mode response.

3.2.5.4. Nonlinear Time History Analysis

Figure 3-40 (a) and Figure 3-41 (a) show the 2xEIl Centro nonlinear time history results.
Figure 3-40 (a) shows the base shear versus total displacements at the abutments and
bents. The hysteresis loops in Figure 3-41 (a) show the bents shear force versus relative
displacement of the end cross frames located at the bents. Due to the transverse restraint,
the relative and total displacements are the same at both abutments. The larger hysteresis
loops for the response of the end cross frames at the abutments suggests increased
seismic energy dissipation at abutment locations while the energy dissipation in the bents

is severely diminished.

The pushover curves corresponding to relative and total displacements are shown in
Figure 3-40 (b) and Figure 3-41 (b), respectively. The pushover plots for Abutment 1 and
4 and the pushover plot for Bents 2 and 3 are similar. It can be seen from Figure 3-41 (b)
that while the bridge is pushed in mode 2 pattern, the end cross frames at the bents
experience little nonlinearity (displacement of 0.5 inches) compared to 4.0 inches of

displacement at the abutments.
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3.2.6.Discussions and Observations

The substructure stiffness plays an important part in the effectiveness of the ductile end
cross frames. In keeping the end cross frame members similar in all three cases, it was
observed that the highest energy dissipation occurred at the interior rigid supports.
However, in subsequent cases, as bridge substructure stiffness gradually decreased, the
seismic energy was dissipated more at the abutments. This is due to the lateral structural
response of continuous bridges. Flexible supports tend to shed the load to the adjacent

rigid supports.

During pushover analyses in the rigid substructure case, the end cross frames at the
abutments underwent a displacement of up to 4 inches while the displacement at the bents
reached 7 inches. The larger displacement demands at the bents match with the time
history results. The pushover of the bridge with flexible substructure (50ft high bents)
showed that the flexibility of the bents prevent large forces from developing in bent cross

frames.

The transverse shear forces in the connectors are high near the supports. Having a shear
capacity of 36 kips; the 7/8”diameter connectors in these localized regions are expected
to experience plastic deformations during seismic events. Moreover, it is observed that
shear connectors over the intermediate cross frames pick up some forces. These forces
reach to almost 10% of the individual connector shear capacity at 1.3% drift level. The
distribution of the brace axial force from the pushover analyses follows the same pattern

as the transverse connector force distribution. This is the result of the twisting of the
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superstructure along its longitudinal centerline of the bridge, as shown in Figure 3-6,

Figure 3-20, and Figure 3-31.

The parametric studies on the effects of shear connector properties (not presented here)
indicate the sensitivity of the bridge response to elastic or plastic (modeled as reduced
effective stiffness) behavior of shear connectors, especially over the critical areas near

supports.

The Von Mises stress contours, shown in Figure 3-9, Figure 3-21, and Figure 3-32, show
high stress concentration near the supports. The attachment of the top chord of the end
cross frames to the R/C deck seems to have a clamping-down effect that provides
resistance to the transverse movement at the supports. This phenomenon, as well as the
connection of the tensile brace to the end stiffener, is considered to be contributing to
high stress demands in the steel girders near the supports. The exterior girders in the
center span also experience relatively high stress demands resulting from major axis

bending due to the twisting of the superstructure.

3.3. Effectiveness of Ductile End Cross Frames: Parametric Study

A detailed parametric study was conducted on the bridge discussed in Section 3.2.2. The
main objective of this investigation was to determine the effectiveness of ductile end
cross frames in seismic design. The following parameters were varied to determine their

effect on the overall seismic response of the bridge:
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e Single column bent and lateral stiffness

e Multi-column bents

e Elastic and inelastic cross frames in single-column bents
= Elastic and inelastic cross frames in multi-column bents
e Number of girders

e Girder spacing

e Number of spans

3.3.1.Number of Columns in Bent

Analytical investigation on the linear response of a 3-span 4-girder bridge, supported on
single and multi-column bents, were investigated. The bent caps were modeled as rigid
frames with 25ft high 6ft diameter columns. The substructure elements were modeled as
linear elements. Table 3-4 shows the period and modal mass participating ratios of the 3-
span 4-girder bridge supported on single column bents. Although the first transverse
mode is mode 1, with a period of vibration of 0.56 seconds, it has only 62% modal mass
participating ratio. Figure 3-44 show three-dimensional views of the transverse mode 1.
The lateral displacements of the superstructure as well as the bent are noticeable in this

figure.
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Table 3-4. Modes and mass participation factors

Mode| Period [ UX uy UZ |SumUX|SumUY|SumUzZ| RX RY RZ |SumRX|SumRY|SumRZ
Sec
1| 0.565 0%| 62% 0% 0% 62% 0%] 23% 0%| 46% 23% 0% 46%
2| 0.563| 100% 0% 0%| 100% 62% 0% 0% 0% 1% 23% 0% 46%
3| 0.410 0%| 17% 0%| 100% 79% 0% 0% 0%| 12% 24% 0% 59%
41 0.402 0% 0%| 10%]| 100% 79% 10% 6% 7% 0% 30% 8% 59%
5 0.273 0% 0% 0%| 100% 79% 10% 0% 0%| 18% 30% 8% 77%
6] 0.246 0% 0% 0%| 100% 79% 10% 0% 0% 5% 30% 8% 81%
71  0.244] 0%| 10% 0%| 100% 89% 10%| 12% 0% 8% 42% 8% 89%
8| 0.224] 0% 0% 0%| 100% 89% 10% 0%| 13% 0% 42% 21% 89%
9] 0.204] 0% 0%| 63%| 100% 89% 73%| 37%| 47% 0% 79% 68% 89%
10 0.170 0% 0% 0%| 100% 89% 73% 0% 0% 1% 79% 68% 90%
11 0.170 0% 8% 0%| 100% 97% 73% 2% 0% 6% 81% 68% 96%

The second transverse mode is mode 3, with a period of 0.41 seconds and modal mass
participating ratio of 17%. The deformed shape of the bridge in mode 3 is shown in

Figure 3-45. This figure shows that mode 3 causes the superstructure to rotate about the
longitudinal axis of the bridge while the bent column remains virtually stationary. This
mode will be called the torsional mode in this section. It will be interesting to determine
how much the torsional mode contributes to the column seismic bending moment and

shear force.

A synthetic ground motion, S1, was generated to achieve a specific spectrum and was
used in this parametric study. Figure 3-42 shows the time history of the ground motion.

Figure 3-43 shows the target and the achieved response spectrum of the ground motion.

Figure 3-46 shows the bending moment demand time history due to S1 ground
acceleration at the top and bottom of a bent column in the 3-span 4-girder bridge model
using a single transverse mode. The bending moment ratio at the top to bottom of the

column is constant throughout the time history and equal to 0.143. This allows for the
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shear force demand to be directly calculated from the bending moment diagram. In other
words, there is a one-to-one relationship between the bending moment and shear demand
on the column. On the other hand, Figure 3-47 shows the bending moment demand time
history at the top and bottom of the column using multiple transverse modes. Due to the
contribution of torsional mode and modal combination, the ratio of the bending moment
at the top to the bending moment at the bottom is not constant. Additionally, the figure
shows that at times the maximum bending moment in the column occurs at the top. As a
result, there is no direct correlation between the seismic bending moment demand and

shear force in a bent column.

Figure 3-48 (a) shows the schematic views of the applied seismic forces on a single
column bent. The force, V, represents the transverse seismic force resisted by the bent
due to the bridges primary transverse mode. The bending moment, My, represents the
bending moment resisted by the column due to the bridge’s torsional mode.

Figure 3-48 (b) shows the bending moment and shear force diagram in the column due to
the force V.

Figure 3-48 (c) shows the bending moment diagram in the column due to the torsional
response of the bridge superstructure. Therefore, in a single bent column, while the
torsional moment does not contribute to the column shear force, it increases the seismic
bending moment demand at the top and the bottom of the column. Therefore, in single
column bents, relying on base shear as a measure for flexural design of the column is

erroneous and misleading.
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To illustrate this point, Figure 3-49 (a) shows a schematic view of a single column bent
under the combined effects of transverse force and torsional moment from the
superstructure. Figure 3-49 (b) shows the deformed shape. The bending moment at the
top of the column can be expressed as:

m=Elgs VL (3-1)
L7772

Equation 3-1 shows the relationship between the bending moment and the transverse

shear and the rotation at the top of the bent.

The effect of the number of girders on the response of the single column bents was also
investigated. Figure 3-50 shows that as the number of girders increases (wider bridge),
the effect of torsional moment increases to the extent where for a 5 girder bridge, the

maximum seismic bending moment occurs at the top of the bents single column.

The effect of the torsional mode on two or more column bents is discussed henceforth.
The seismic response of the same 3-span 4-girder bridge model was investigated with
two-column bents. Figure 3-51 shows the bending moment demand time history at the
top and bottom of one of the columns in the two-column bent using a single transverse
mode. The ratio of bending moment at the top to the bending moment at the bottom is
constant at -0.96. Therefore, the figure shows that the top and bottom bending moments
are almost equal and carry opposite signs. This indicates that there exists a one-to-one

relationship between the bending moment and shear demand in multi column bents.
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Figure 3-52 shows the bending moment demand time history at the top and bottom of the
same column using multiple transverse modes. Despite the contribution of the torsional
mode and modal combination, the ratio of bending moment at the top to the bending
moment at the bottom has remained constant through time and is similar to single mode

results at -0.96.

Figure 3-53 (a) shows the schematic view of a two-column bent under the combined
effects of transverse force and torsional moment from the superstructure. Figure 3-53 (b)
shows the deformed shape. Assuming the column remains elastic, the bending moment at

the top of one of the column can be expressed as:

M= (3-2)

Equation 3-2 shows the relationship between the bending moment and the transverse
shear force, which is independent of the torsional moment in the superstructure. The
torsional moment resisted by the bent is resisted by the axial force couple that is
developed in the columns. Therefore, the torsional mode of the superstructure does not
increase the seismic bending moment demand on the columns in the multi-column bents.
Additionally, a direct relationship between the seismic shear and end moment in the

columns is established in multi-column bents.
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3.3.2.Cross Frames in Two-Column Bents

Table 3-5 compares several key seismic response parameters from nonlinear time history
analysis of 3-span 4-girder bridges on elastic two-column bents. The variable parameters
in this study are:
e Four different ductile cross frame brace sizes: L1.5x1.5x1/4, L2.5x2.5x3/8,
L3x3x1/2, and L4x4x1/2
e Elastic bents with two different reinforced concrete column diameters: 4ft and 6ft

diameter

The results indicate that, as the size of the ductile end cross frame bracing increases from
L1.5 to L4, the total seismic base shear demand on the entire bridge also increases; from
979 Kips to 2275 kips in the 4ft diameter column bents and from 1094 kips to 1859 kips
in 6ft diameter column bents. This translates into an increase of 130% and 70% in total

seismic base shear in 4 ft and 6 ft column bents bridges, respectively.

Furthermore, the results show an 80% increase in the transverse seismic force demand in
the 4 ft diameter column bents as the size of the ductile end cross frame bracing increases
from L1.5 to L4. However, the change in ductile cross frame brace did not change the
bent shear force in bridges with 6 ft diameter bents. This is due to redistribution of the
seismic force among abutments and bents. Considering that the lateral stiffnesses of cross
frames and their direct supports (abutments or bents) along the bridge form a system of
springs in series, as explained in Chapter 7 of this report. Due to the larger lateral

stiffness of the 6ft diameter bents and their tributary superstructure mass, the 6ft diameter
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bents resist higher seismic forces while in the elastic range. The yielding of the cross
frame bracing members over the bents reduces their effective stiffness. As a result, the
abutments carry more of the seismic demand due to their comparatively larger effective
stiffness. Consequently, an increase of 250% and 350% in the abutment seismic base

shear is observed in bridges with 4ft and 6ft column bents, respectively.
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Table 3-5. Effect of Cross Frames with Two-Column Elastic Bents

Case 5 Case 0

X A B C X A B C
End Cross Frame Ductility Ductile  Ductile  Ductile  Ductile Ductile  Ductile Ductile Ductile
End Cross Frame Brace Size L15 L25 L3 L4 L1.5 L25 L3 L4
Number of Girders 4 4 4 4 4 4 4 4
Girder Spacing 12 12 12 12 12 12 12 12
Spans 3 3 3 3 3 3 3 3
Bent Column(s) 2Col 25 ft 2Col 25ft 2Col 25ft 2Col 25 ft 2Col 25 ft 2Col25ft 2Col 25ft 2Col 25 ft
Column Size 4ftdia. 4ftdia. 4ftdia. 4ftdia. 6 ftdia. 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic ___Elastic Elastic ___Elastic Elastic Elastic  Elastic Elastic
Self Weight (kips) 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0
Linear Base Shear V (kips) 3,762.2 4,407.1 4,617.2 4,761.4 4,503.1 4,761.0 54724 49548
Nonlinear Base Shear V (kips) 978.7 11,4003 1,730.0 2,2745 1,0935 11,2985 1,540.2 1,858.6
Linear V /W 139.0% 162.9% 170.6% 176.0% 166.4% 175.9% 202.2% 183.1%
Nonlin V /W 36.2% 51.7% 63.9% 84.1% 40.4% 48.0% 56.9% 68.7%
Nonlin Total Shear Reduction 74.0% 68.2% 62.5% 52.2% 75.7% 72.7% 71.9% 62.5%
Total R 3.8 3.1 2.7 2.1 4.1 3.7 3.6 2.7
Tributary Weight at Bent (kips) 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6
Linear Bent V (kips) 1,1135 1,330.9 11,4289 1517.3 1,439.6 1,588.6 1,906.3 1,739.3
Linear Bent XF Displ (in) 25 1.3 0.9 0.7 3.2 1.6 1.2 0.9
Linear Drift at Bent XF 3.1% 1.6% 1.2% 0.9% 4.0% 2.0% 1.6% 1.1%
Nonlin Bent V(kips) 33340 408.70  464.10 611.20 432,20 38240  376.40 412.30
Nonlin Bent XF Displ (in) 4.9 3.1 1.8 1.8 5.0 3.2 2.4 21
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 15.2 9.7 5.6 5.6 15.6 9.9 75 6.6
Nonlin Drift at Bent XF 6.1% 3.9% 2.3% 2.3% 6.2% 4.0% 3.0% 2.6%
Nonlin V Bent / W Bent 30.7% 37.6% 42.7% 56.2% 39.7% 35.2% 34.6% 37.9%
Nonlin Bent Shear Reduction 70.1% 69.3% 67.5% 59.7% 70.0% 75.9% 80.3% 76.3%
BentR 3.3 3.3 3.1 25 3.3 4.2 5.1 4.2
Tributary Weight at Abut (kips) 265.4 265.4 265.4 265.4 265.4 265.4 265.4 265.4
Linear Abut V (kips) 816.8 884.3 908.1 906.0 820.0 791.8 832.1 758.4
Linear Abut XF Displ (in) 21 0.9 0.6 0.5 2.0 0.8 0.6 0.4
Linear Drift at Abut XF 2.6% 1.2% 0.8% 0.6% 2.5% 1.0% 0.7% 0.5%
Nonlin Abut V (kips) 158.0 312.2 425.3 551.5 1189 266.8 430.5 535.2
Nonlin Abut XF Displ (in) 52 34 1.8 1.8 5.0 3.0 2.1 1.6
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 16.3 10.6 5.8 5.6 15.8 9.4 6.6 4.9
Nonlin Drift at Abut XF 6.5% 4.2% 2.3% 2.3% 6.3% 3.8% 2.6% 2.0%
V Abut / W Abut 59.5% 117.6% 160.2% 207.8% 448% 100.5% 162.2% 201.7%
Nonlin Abut Shear Reduction 80.7% 64.7% 53.2% 39.1% 85.5% 66.3% 48.3% 29.4%
Abut R 5.2 2.8 2.1 1.6 6.9 3.0 1.9 1.4
Column Nonlin BM Demand (k-ft) 2097.0 2571.2 2919.6 3847.1 2701.3  2390.0 23525 2576.9
Column Yield Moment (k-ft) 2337.0 2337.0 2337.0 2337.0 7236.0 7236.0 7236.0 7236.0
D/C 89.7% 110.0% 124.9% 164.6% 37.3% 33.0% 32.5% 35.6%
Nonlin Bent Displ. (in) 0.4 0.5 0.6 0.8
Bent Yield Displ. (in) 1.2 1.2 12 1.2
Bent Displ. Ductility 0.35 0.43 0.49 0.67
Lin Col M/ Lin Col V 12.6 12.6 12.6 12.6 125 12.5 125 125
Nonlin Col M / Nonlin Col V 12.6 12.6 12.6 12.6 12.5 12.5 125 12.5
Cross Frame Elastic Stiffness (k/in) 630.1 1,579.7 25111 3,4243 630.1 1,579.7 25111 3,4243
Cross Frame Yield Strength (kips) 102.6 261.2 419.9 581.3 102.6 261.2 419.9 581.3
Column moment of Inertia (in4) 2.6E+05 2.6E+05 2.6E+05 2.6E+05 1.3E+06 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 835.0 835.0 835.0 835.0 42272 42272 42272 4,227.2
Ksuper / Ksub 0.75 1.89 3.01 4.10 0.15 0.37 0.59 0.81

The effect of different cross frame brace sizes was also investigated in bridges with
ductile bents. Table 3-6 shows the comparison of key response parameters with the

following variables:
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e Four different ductile cross frame brace sizes: L1.5x1.5x1/4, L2.5x2.5x3/8,
L3x3x1/2, and L4x4x1/2
e Ductile bents with two different concrete column diameters (1% reinforcement):

3ft and 4ft diameter

The results indicate that as the size of the ductile end cross frame bracing increases
from L1.5 to L4, the total seismic base shear demand on the entire bridge increases
from 808 kips to 1657 kips in 3ft column bents and from 957 kips to 2010 kips in 4ft
diameter bents. This translates into an increase of 105% and 110% in total seismic

base shear in 3ft and 4ft column ductile bents bridges, respectively.

The results also show that as the size of the ductile end cross frame bracing increases
from L1.5 to L4, the bent seismic force demand in the 3ft and4 ft diameter column
bents increases by 10% and 40%, respectively. The abutment shear forces also
increase 230% to 270% in bridges with 3ft and 4ft diameter ductile column bents,

respectively.



Table 3-6. Effect of Cross Frames with Ductile Two-Column Bents
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Case -4 Case -3 Case -2 Case -1

A X A B C A X A B C
End Cross Frame Ductility Elastic Ductile Ductile Ductile Ductile Elastic Ductile Ductile Ductile Ductile
End Cross Frame Brace Size L4 L15 L25 L3 L4 L4 L15 L25 L3 L4
Number of Girders 4 4 4 4 4 4 4 4 4 4
Girder Spacing 12 12 12 12 12 12 12 12 12 12
Spans 3 3 3 3 3 3 3 3 3 3
Bent Column(s) 2Col 25ft 2Col 25ft 2Col 25ft 2Col 25ft 2Col 25 ft 2Col 25ft 2Col 25ft 2Col25ft 2Col 25 ft 2Col 25 ft
Column Size 3ftdia. 3ftdia. 3ftdia. 3ftdia. 3ftdia. 4ftdia. 4ftdia. 4ftdia. 4ftdia. 4ftdia.
Coulmn Ductility Ductile  Ductile  Ductile  Ductile _ Ductile Ductile  Ductile  Ductile  Ductile  Ductile
Self Weight (kips) 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0
Linear Base Shear V (kips) 34349 3,038.0 33153 33755 3,464.1 4,213.8 3,804.6 4,212.7 42386 4,213.8
Nonlinear Base Shear V (kips) 2,680.9 808.1 11,2157 11,4888 1,657.0 2,863.9 957.0 1,3445 1,4945 2,010.3
Linear V /W 126.9% 112.3% 122.5% 124.7% 128.0% 155.7% 140.6% 155.7% 156.6% 155.7%
Nonlin V /W 99.1% 29.9% 44.9% 55.0% 61.2% 105.8% 35.4% 49.7% 55.2% 74.3%
Nonlin Total Shear Reduction 22.0% 73.4% 63.3% 55.9% 52.2% 32.0% 74.8% 68.1% 64.7% 52.3%
Total R 1.3 3.8 2.7 2.3 2.1 1.5 4.0 3.1 2.8 2.1
Tributary Weight at Bent (kips) 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6
Linear Bent V (kips) 403.1 401.1 398.2 393.9 403.1 1,120.8 980.9 11,0969 1,114.8 1,120.8
Linear Bent XF Displ (in) 0.2 0.7 0.4 0.2 0.2 0.5 2.2 11 0.7 0.5
Linear Drift at Bent XF 0.2% 0.9% 0.4% 0.3% 0.2% 0.6% 2.7% 1.3% 0.9% 0.7%
Nonlin Bent V(kips) 249.40 23290 26430 264.10 250.50 523.90 340.30 39510 387.00 486.10
Nonlin Bent XF Displ (in) 0.1 2.9 0.9 0.4 0.1 0.3 4.4 3.0 1.4 0.6
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 0.3 9.1 2.8 1.2 0.4 0.8 13.6 9.4 4.4 1.7
Nonlin Drift at Bent XF 0.1% 3.6% 1.1% 0.5% 0.2% 0.3% 5.5% 3.8% 1.8% 0.7%
Nonlin V Bent / W Bent 22.9% 21.4% 24.3% 24.3% 23.0% 48.2% 31.3% 36.3% 35.6% 44.7%
Nonlin Bent Shear Reduction 38.1% 41.9% 33.6% 33.0% 37.9% 53.3% 65.3% 64.0% 65.3% 56.6%
BentR 1.6 1.7 15 1.5 1.6 2.1 2.9 2.8 2.9 2.3
Tributary Weight at Abut (kips) 265.4 265.4 265.4 265.4 265.4 265.4 265.4 265.4 265.4 265.4
Linear Abut V (kips) 1,3149 1,1364 1,263.6 1,309.6 1,329.6 1,076.5 921.4 11,0854 1,070.7 1,076.5
Linear Abut XF Displ (in) 0.7 2.8 1.3 0.9 0.7 0.6 2.3 11 0.7 0.6
Linear Drift at Abut XF 0.9% 3.5% 1.6% 1.1% 0.9% 0.8% 2.9% 1.4% 0.9% 0.7%
Nonlin Abut V (kips) 1,090.6 180.3 376.3 487.2 595.1 908.2 150.7 282.6 372.1 561.7
Nonlin Abut XF Displ (in) 0.6 55 4.8 3.9 2.8 0.5 5.2 3.7 1.9 1.8
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 1.8 17.0 14.8 12.3 8.8 15 16.2 11.4 59 5.6
Nonlin Drift at Abut XF 0.7% 6.8% 5.9% 4.9% 3.5% 0.6% 6.5% 4.6% 2.4% 2.3%
V Abut / W Abut 410.9% 67.9% 141.8% 183.6% 224.2% 342.2% 56.8% 106.5% 140.2% 211.6%
Nonlin Abut Shear Reduction 17.1% 84.1% 70.2% 62.8% 55.2% 15.6% 83.6% 74.0% 65.2% 47.8%
Abut R 1.2 6.3 34 2.7 2.2 1.2 6.1 3.8 2.9 1.9
Column Nonlin BM Demand (k-ft) 12009  1196.0 1206.0 1204.0  1200.3 24200 1892.0 2193.0 2146.0 2387.0
Column Yield Moment (k-ft) 1190.0  1190.0  1190.0  1190.0  1190.0 2337.0 2337.0 2337.0 2337.0 2337.0
D/C 100.9% 100.5% 101.3% 101.2% 100.9% 103.6% 81.0% 93.8% 91.8% 102.1%
Nonlin Bent Displ. (in) 3.8 2.8 4.7 4.6 3.7 2.9 0.9 1.0 1.0 2.2
Bent Yield Displ. (in) 1.8 1.8 18 1.8 1.8 12 1.2 1.2 1.2 1.2
Bent Displ. Ductility 211 1.54 2.61 2.56 2.06 2.42 0.75 0.83 0.83 1.83
Lin Col M / Lin Col V 11.1 10.8 11.1 111 11.1 125 125 125 125 125
Nonlin Col M / Nonlin Col V/ 9.6 10.3 9.1 9.1 9.6 9.2 111 11.1 111 9.8
Cross Frame Elastic Stiffness (k/in) 3,424.3 630.1 1,579.7 25111 3,424.3 3,424.3 630.1 1,579.7 25111 3,4243
Cross Frame Yield Strength (kips) 581.3 102.6 261.2 419.9 581.3 581.3 102.6 261.2 419.9 581.3
Column moment of Inertia (in4) 8.2E+04 8.2E+04 8.2E+04 8.2E+04 8.2E+04 2.6E+05 2.6E+05 2.6E+05 2.6E+05 2.6E+05
Substructure lateral Stiffness (k/in) 264.2 264.2 264.2 264.2 264.2 835.0 835.0 835.0 835.0 835.0
Ksuper / Ksub 12.96 2.38 5.98 9.50 12.96 4.10 0.75 1.89 3.01 4.10
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3.3.3.Cross Frames in Single-Column Bents

Table 3-7 compares several key seismic response parameters from nonlinear time history
analysis of three-span four-girder bridges with elastic and ductile single column bents.
The variable parameters in this study are:
e Four different ductile cross frame brace sizes: L1.5x1.5x1/4, L2.5x2.5x3/8,
L3x3x1/2, and L4x4x1/2

e Elastic and ductile single 6ft diameter column bents and 1% reinforcement

The results indicate that as the size of the ductile end cross frame bracing increases from
L1.5 to L4, the total seismic base shear demand on the entire bridge increases from 1349
kips to 1967 Kips in elastic single column bents and from 712 kips to 1956 kips ductile
single column bents. This translates into an increase of 130% and 175% in total seismic
base shear in bridges with elastic and ductile single column bents, respectively. These
results also indicate that as the size of the ductile end cross frame bracing increases from
L1.5 to L4, the bent seismic force demand in bridges with elastic and ductile single
column bents increases by 70% and 130%, respectively. Additionally, the abutment shear
forces increase 260% to 330% in bridges with elastic and ductile single column bents,

respectively.



Table 3-7. Effect of cross frames with elastic and ductile single column bents

Case 9 Case 10

X A B C X A B C
End Cross Frame Ductility Ductile  Ductile Ductile Ductile Ductile  Ductile Ductile Ductile
End Cross Frame Brace Size L15 L25 L3 L4 L15 L25 L3 L4
Number of Girders 4 4 4 4 4 4 4 4
Girder Spacing 12 12 12 12 12 12 12 12
Spans 3 3 3 3 3 3 3 3
Bent Column(s) 1Col25ft 1Col25ft 1Col25ft 1 Col 25 ft 1Col25ft 1Col25ft 1Col25ft 1 Col 25 ft
Column Size 6ftdia. 6ftdia. 6ftdia. 6 ftdia. 6ftdia. 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic __ Elastic ___Elastic __ Elastic Ductile  Ductile  Ductile _ Ductile
Self Weight (kips) 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0 2,706.0
Linear Base Shear V (kips) 2,729.1 3,397.3 3,127.4 2,949.7 2,729.1 3,397.3 3,127.4 2,949.7
Nonlinear Base Shear V (kips) 862.8 1,349.1 16352 1,967.0 7120 1,180.1 11,5729 1,956.0
Linear V/ W 100.9% 125.5% 115.6%  109.0% 100.9% 1255% 115.6%  109.0%
Nonlin V /W 31.9% 49.9% 60.4% 72.7% 26.3% 43.6% 58.1% 72.3%
Nonlin Total Shear Reduction 68.4% 60.3% 47.7% 33.3% 73.9% 65.3% 49.7% 33.7%
Total R 3.2 2.5 1.9 1.5 3.8 2.9 2.0 15
Tributary Weight at Bent (kips) 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6 1,087.6
Linear Bent V (kips) 594.6 692.8 629.1 599.4 594.6 692.8 629.1 599.4
Linear Bent XF Displ (in) 2.0 15 1.2 1.1 2.0 15 1.2 1.1
Linear Drift at Bent XF 2.5% 1.9% 1.6% 1.4% 2.5% 1.9% 1.6% 1.4%
Nonlin Bent V(kips) 306.00 386.00 432.60 527.20 211.50 280.40  403.68  488.40
Nonlin Bent XF Displ (in) 4.3 34 17 11 2.9 2.0 15 1.0
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 135 10.5 52 35 9.0 6.3 4.6 3.1
Nonlin Drift at Bent XF 5.4% 4.2% 2.1% 1.4% 3.6% 2.5% 1.9% 1.3%
Nonlin V Bent / W Bent 28.1% 35.5% 39.8% 48.5% 19.4% 25.8% 37.1% 44.9%
Nonlin Bent Shear Reduction 48.5% 44.3% 31.2% 12.0% 64.4% 59.5% 35.8% 18.5%
BentR 1.9 1.8 15 1.1 2.8 2.5 1.6 1.2
Tributary Weight at Abut (kips) 265.4 265.4 265.4 265.4 265.4 265.4 265.4 265.4
Linear Abut V (kips) 836.7 1,008.9 940.2 896.8 836.7 1,008.9 940.2 896.8
Linear Abut XF Displ (in) 21 1.1 0.6 0.5 21 1.1 0.6 0.5
Linear Drift at Abut XF 2.6% 1.3% 0.8% 0.6% 2.6% 1.3% 0.8% 0.6%
Nonlin Abut V (kips) 150.4 303.4 408.7 534.4 152.3 357.8 470.5 649.3
Nonlin Abut XF Displ (in) 5.3 4.2 25 1.7 5.2 4.8 3.4 25
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 16.7 131 7.8 5.2 16.3 14.9 10.6 7.8
Nonlin Drift at Abut XF 6.7% 5.2% 3.1% 2.1% 6.5% 6.0% 4.2% 3.1%
V Abut / W Abut 56.7% 114.3% 154.0% 201.4% 57.4% 1348% 177.3% 244.6%
Nonlin Abut Shear Reduction 82.0% 69.9% 56.5% 40.4% 81.8% 64.5% 50.0% 27.6%
Abut R 5.6 33 2.3 1.7 55 2.8 2.0 14
Column Nonlin BM Demand (k-ft) 10650.0 13235.7 14223.9 15605.0 7431.9 76050 75645 7395.1
Column Yield Moment (k-ft) 7236.0 7236.0 7236.0 7236.0 7236.0 7236.0 7236.0 7236.0
D/C 147.2% 182.9% 196.6% 215.7% 102.7% 105.1% 104.5% 102.2%
Nonlin Bent Displ. (in) 1.0 1.3 1.3 1.5 2.6 31 2.7 2.2
Bent Yield Displ. (in)
Bent Displ. Ductility
Lin Col M/ Lin Col V 36.4 344 36.1 36.7 36.4 344 36.1 36.7
Nonlin Col M / Nonlin Col V. 34.8 34.3 32.9 29.6 35.1 27.1 18.7 15.1
Cross Frame Elastic Stiffness (k/in) 630.1 1,579.7 25111 3,424.3 630.1 1,579.7 255111 3,424.3
Cross Frame Yield Strength (kips) 102.6 261.2 419.9 581.3 102.6 261.2 419.9 581.3
Column moment of Inertia (in4) 1.3E+06 1.3E+06 1.3E+06 1.3E+06 1.3E+06 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 528.4 528.4 528.4 528.4 528.4 528.4 528.4 528.4
Ksuper / Ksub 1.19 2.99 4.75 6.48 1.19 2.99 4.75 6.48
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3.3.4.Number of Girders

Table 3-8 compares several key seismic response parameters from nonlinear time history
analyses of three-span bridges with cross fame brace size of L2.5x2.5x3/8 and different
number of girders supported on elastic, two-column bents. The variable parameters in this
study are:

e 3,4, and 5 girder lines

e Elastic 4ft and 6ft diameter two-column bents

The results indicate that as the number of girder lines increases, the ratios of total seismic
base shear, as well as the bent and abutment shear forces, to the number of girders remain
virtually constant. This is because the ratio of superstructure weight to the number of
cross frame bays remains almost unchanged as the superstructures width and number of

girders increases.



Table 3-8. Effect of Number of Girders

Case 7 Case 1

A B C A B C
End Cross Frame Ductility Ductile  Ductile Ductile Ductile Ductile Ductile
End Cross Frame Brace Size L25 L25 L25 L25 L25 L25
Number of Girders 3 4 5 3 4 5
Girder Spacing 12 12 12 12 12 12
Spans 3 3 3 3 3 3
Bent Column(s) 2Col 25t 2Col25ft 2Col 25ft 2Col25ft 2Col 25ft 2Col 25 ft
Column Size 4ftdia. 4ftdia. 4ftdia. 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic  Elastic Elastic Elastic Elastic  Elastic
Self Weight (kips) 2,005.7 2,706.0 3,406.7 2,005.7 2,706.0 3,406.7
Linear Base Shear V (Kips) 2,938.3 4,407.1 5557.0 3,161.0 4,761.0 6,198.0
Nonlinear Base Shear V (kips) 996.6 1,400.3 1,773.8 959.3 11,2985 1,686.3
Linear V /W 146.5% 162.9% 163.1% 157.6% 175.9% 181.9%
Nonlin V /W 49.7% 51.7% 52.1% 47.8% 48.0% 49.5%
Nonlin Total Shear Reduction 66.1% 68.2% 68.1% 69.7% 72.7% 72.8%
Total R 2.9 3.1 3.1 3.3 3.7 37
Tributary Weight at Bent (kips) 805.8 1,087.6 1,369.2 805.8 1,087.6 1,369.2
Linear Bent V (kips) 1,109.0 11,3309 14389 11,1880 1588.6 19115
Linear Bent XF Displ (in) 1.6 1.3 1.1 1.7 1.6 14
Linear Drift at Bent XF 2.0% 1.6% 1.3% 2.2% 2.0% 1.8%
Nonlin Bent V(kips) 313.60 408.70 517.70  308.70  382.40  489.80
Nonlin Bent XF Displ (in) 3.9 3.1 2.8 3.9 3.2 3.0
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 12.0 9.7 8.9 12.2 9.9 9.4
Nonlin Drift at Bent XF 4.8% 3.9% 3.6% 4.9% 4.0% 3.8%
Nonlin V Bent / W Bent 38.9% 37.6% 37.8% 38.3% 35.2% 35.8%
Nonlin Bent Shear Reduction 71.7% 69.3% 64.0% 74.0% 75.9% 74.4%
BentR 3.5 3.3 2.8 3.8 4.2 3.9
Tributary Weight at Abut (kips) 197.0 265.4 334.0 197.0 265.4 334.0
Linear Abut V (kips) 466.4 8843 1,382.2 407.0 791.8 1,194.1
Linear Abut XF Displ (in) 0.7 0.9 1.1 0.6 0.8 0.9
Linear Drift at Abut XF 0.9% 1.2% 1.4% 0.8% 1.0% 1.2%
Nonlin Abut V (kips) 197.9 312.2 406.0 221.2 266.8 353.5
Nonlin Abut XF Displ (in) 35 3.4 3.2 3.2 3.0 2.9
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 11.0 10.6 10.1 10.0 9.4 9.1
Nonlin Drift at Abut XF 4.4% 4.2% 4.0% 4.0% 3.8% 3.6%
V Abut / W Abut 100.5% 117.6% 121.6% 112.3% 100.5% 105.8%
Nonlin Abut Shear Reduction 57.6% 64.7% 70.6% 45.7% 66.3% 70.4%
Abut R 24 2.8 3.4 1.8 3.0 3.4
Column Nonlin BM Demand (k-ft) 1984.1  2571.2  3251.6  1929.4  2390.0 3061.3
Column Yield Moment (k-ft) 2337.0 2337.0 2337.0 7236.0 7236.0 7236.0
D/C 84.9% 110.0% 139.1% 26.7% 33.0% 42.3%
Nonlin Bent Displ. (in) 0.4 0.5 0.7
Bent Yield Displ. (in) 1.2 1.2 1.2
Bent Displ. Ductility 0.34 0.43 0.55
Lin Col M/ Lin Col V 12.6 12.6 12.6 12.5 125 125
Nonlin Col M / Nonlin Col V. 12.7 12.6 12.6 12.5 125 12.5
Cross Frame Elastic Stiffness (k/in) 1,053.2 1,579.7 2,106.3 1,053.2 1,579.7 2,106.3
Cross Frame Yield Strength (kips) 174.1 261.2 348.3 174.1 261.2 348.3
Column moment of Inertia (in4) 2.6E+05 2.6E+05 2.6E+05 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 835.0 835.0 835.0 4,227.2 4,227.2 42272
Ksuper / Ksub 1.26 1.89 2.52 0.25 0.37 0.50
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3.3.5.Girder Spacing

Table 3-9 compares several key seismic response parameters from nonlinear time history
analysis of 3-span 4-girder bridges with cross fame brace size of L2.5x2.5x3/8 and
different girder spacing, supported on elastic, two-column bents. The variable parameters
in this study are:

e Oft, 12ft, and 15ft girder spacing

e Elastic 4ft and 6ft diameter two-column bents

The results indicate that as the girder spacing increases (larger girder spacing to girder
depth ratios), the total seismic force reduction factor increases. As the girder spacing
increases from 9ft to 15ft, the total seismic force reduction factor increases from 2.8 to
3.5 in 4ft diameter column bents and from 3.3 to 4.2 in 6ft diameter column bents. This
can be attributed to the larger axial force demand in the ductile cross frame bracings due
to a smaller inclination angle of the brace. Similarly, the force reduction factor at
abutments increased from 2.6 to 4.8 in 4ft diameter column bents and from 1.8 to 4.3 in
6ft diameter column bents. This can also be attributed to the larger axial force demand in
the ductile cross frame bracings due to a smaller inclination angle of the brace. The force
reduction at the bents remained almost constant at about 3.0 and 4.0 in bridges with 4ft

and 6ft diameter bents, respectively.
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Table 3-9. Effect of Girder Spacing

Case 6 Case 2

A B C A B C
End Cross Frame Ductility Ductile Ductile Ductile Ductile Ductile Ductile
End Cross Frame Brace Size L25 L25 L25 L25 L25 L25
Number of Girders 4 4 4 4 4 4
Girder Spacing 9 12 15 9 12 15
Spans 3 3 3 3 3 3
Bent Column(s) 2Col 25ft 2Col 25ft 2Col25ft 2Col 25ft 2Col 25ft 2Col 25 ft
Column Size 4ftdia. 4ftdia. 4ftdia. 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic __ Elastic Elastic __Elastic __ Elastic Elastic
Self Weight (kips) 2,305.1 2,706.0 3,107.4 23051 2,706.0 3,107.4
Linear Base Shear V (kips) 3,571.3 4,407.1 5,429.7 3,983.7 4,761.0 6,201.9
Nonlinear Base Shear V (kips) 1,296.8 1,400.3 1,539.8 1,207.2 11,2985 1,465.3
Linear V/W 154.9% 162.9% 174.7% 172.8% 1759%  199.6%
Nonlin V/W 56.3% 51.7% 49.6% 52.4% 48.0% 47.2%
Nonlin Total Shear Reduction 63.7% 68.2% 71.6% 69.7% 72.7% 76.4%
Total R 2.8 3.1 3.5 3.3 3.7 4.2
Tributary Weight at Bent (kips) 926.5 1,087.6 1,255.9 926.5 1,087.6 1,255.9
Linear Bent V (kips) 805.6 11,3309 12443 14639 15886 1,848.2
Linear Bent XF Displ (in) 1.3 1.3 1.2 1.6 1.6 1.8
Linear Drift at Bent XF 1.7% 1.6% 1.5% 1.9% 2.0% 2.2%
Nonlin Bent V(kips) 279.60 408.70  466.50 333.90 382.40  443.80
Nonlin Bent XF Displ (in) 2.7 31 3.9 2.7 3.2 3.8
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 8.3 9.7 12.2 8.4 9.9 12.0
Nonlin Drift at Bent XF 3.3% 3.9% 4.9% 3.4% 4.0% 4.8%
Nonlin V Bent / W Bent 30.2% 37.6% 37.1% 36.0% 35.2% 35.3%
Nonlin Bent Shear Reduction 65.3% 69.3% 62.5% 77.2% 75.9% 76.0%
BentR 2.9 3.3 2.7 4.4 4.2 4.2
Tributary Weight at Abut (kips) 226.0 265.4 304.8 226.0 265.4 304.8
Linear Abut V (kips) 980.2 8843 11,4710 527.9 791.8 11,2575
Linear Abut XF Displ (in) 0.7 0.9 1.5 0.6 0.8 1.3
Linear Drift at Abut XF 0.8% 1.2% 1.9% 0.7% 1.0% 1.6%
Nonlin Abut V (kips) 3734 312.2 306.0 289.9 266.8 293.2
Nonlin Abut XF Displ (in) 2.8 34 4.6 2.3 3.0 3.8
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 8.7 10.6 14.3 7.2 9.4 11.9
Nonlin Drift at Abut XF 3.5% 4.2% 5.7% 2.9% 3.8% 4.8%
V Abut / W Abut 165.2% 117.6% 100.4% 128.3% 100.5% 96.2%
Nonlin Abut Shear Reduction 61.9% 64.7% 79.2% 45.1% 66.3% 76.7%
Abut R 2.6 2.8 4.8 1.8 3.0 4.3
Column Nonlin BM Demand (k-ft) 2352.0 2571.2 46252 2086.9 2390.0 2773.8
Column Yield Moment (k-ft) 2337.0 2337.0 2337.0 7236.0 7236.0 7236.0
D/C 100.6% 110.0% 197.9% 28.8% 33.0% 38.3%
Nonlin Bent Displ. (in) 0.5 0.5 0.9
Bent Yield Displ. (in) 1.2 1.2 1.2
Bent Displ. Ductility 0.43 0.43 0.78
Lin Col M/ Lin Col V 19.6 126 19.9 125 125 125
Nonlin Col M / Nonlin Col V. 16.8 12.6 19.8 12.5 12.5 12.5
Cross Frame Elastic Stiffness (k/in) 1,901.9 1579.7 1,479.2 19019 1579.7 1,479.2
Cross Frame Yield Strength (kips) 253.5 261.2 279.7 2535 261.2 279.7
Column moment of Inertia (in4) 2.6E+05 2.6E+05 2.6E+05 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 835.0 835.0 835.0 4,227.2 4,227.2 4,227.2
Ksuper / Ksub 2.28 1.89 1.77 0.45 0.37 0.35

3.3.6.Number of Spans

Table 3-10 compares several key seismic response parameters from nonlinear time

history analysis of 4-girder bridges with cross fame brace size of L2.5x2.5x3/8 and



87

different number of spans, supported on elastic, two-column bents. The variable
parameters in this study are:
e 2,3, 4spans

e Elastic 4ft and 6ft diameter two-column bents

The results indicate that as the number of spans increase, the overall effectiveness of the
end cross frames in reducing the seismic base shear decreases. This can be attributed to
the first major transverse mode shape. In shorter bridges, the distribution of transverse
seismic shear force among abutment and bent supports is almost uniform. This is due to
almost uniform cross frame displacement over these supports in their first transverse
mode shape. In longer bridges, the first mode shape displacement at the bents is larger

than at abutments.



Table 3-10. Effect of Number of Spans

Case 8 Case 3

A B C A B C
End Cross Frame Ductility Ductile  Ductile Ductile Ductile Ductile Ductile
End Cross Frame Brace Size L25 L25 L25 L25 L25 L25
Number of Girders 4 4 4 4 4 4
Girder Spacing 12 12 12 12 12 12
Spans 2 3 4 2 3 4
Bent Column(s) 2Col 25ft 2Col25ft 2Col25ft 2Col 25ft 2Col 25ft 2Col 25 ft
Column Size 4ftdia. 4ftdia. 4ftdia. 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic __Elastic __ Elastic Elastic  Elastic  Elastic
Self Weight (kips) 1,548.8 2,3141 3,0795 11,5488 23141 3,0795
Linear Base Shear V (kips) 3,604.2 49819 5868.7 3,1929 51741 6,767.8
Nonlinear Base Shear V (kips) 923.8 1,309.2 1,668.6 893.7 1,319.0 1,652.8
Linear V /W 232.7% 2153% 190.6% 206.2% 223.6% 219.8%
Nonlin V/W 59.6% 56.6% 54.2% 57.7% 57.0% 53.7%
Nonlin Total Shear Reduction 74.4% 73.7% 71.6% 72.0% 74.5% 75.6%
Total R 3.9 3.8 3.5 3.6 3.9 4.1
Tributary Weight at Bent (kips) 943.3 837.9 861.4 943.3 837.9 861.4
Linear Bent V (kips) 991.6 1,281.7 11,2721 11,1884 15419 15935
Linear Bent XF Displ (in) 0.9 1.2 1.2 1.1 15 1.6
Linear Drift at Bent XF 1.2% 1.5% 1.5% 1.4% 1.9% 2.0%
Nonlin Bent V(kips) 37250 38240 380.10 38840 388.40  379.70
Nonlin Bent XF Displ (in) 2.3 25 2.4 2.7 2.7 2.6
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 7.3 7.9 7.5 8.3 8.6 8.1
Nonlin Drift at Bent XF 2.9% 3.2% 3.0% 3.3% 3.4% 3.2%
Nonlin V Bent / W Bent 39.5% 45.6% 44.1% 41.2% 46.4% 44.1%
Nonlin Bent Shear Reduction 62.4% 70.2% 70.1% 67.3% 74.8% 76.2%
BentR 2.7 3.4 3.3 3.1 4.0 4.2
Tributary Weight at Abut (kips) 302.8 318.0 314.6 302.8 318.0 314.6
Linear Abut V (kips) 1,306.5 1,203.9 856.1 1,002.6 1,036.3 828.5
Linear Abut XF Displ (in) 1.4 1.2 0.9 1.0 1.1 0.9
Linear Drift at Abut XF 1.7% 1.6% 1.1% 1.3% 1.4% 1.1%
Nonlin Abut V (kips) 309.7 277.6 294.8 262.6 268.7 273.3
Nonlin Abut XF Displ (in) 2.7 2.8 2.9 2.7 2.8 2.8
Yield Displ. (in) 0.32 0.32 0.32 0.32 0.32 0.32
Displ. Ductility 8.4 8.8 8.9 8.3 8.6 8.8
Nonlin Drift at Abut XF 3.4% 3.5% 3.6% 3.3% 3.4% 3.5%
V Abut / W Abut 102.3% 87.3% 93.7% 86.7% 84.5% 86.9%
Nonlin Abut Shear Reduction 76.3% 76.9% 65.6% 73.8% 74.1% 67.0%
Abut R 4.2 4.3 2.9 3.8 3.9 3.0
Column Nonlin BM Demand (k-ft) 2342.1  2405.1  2390.6 24728 24750 24172
Column Yield Moment (k-ft) 2337.0 2337.0 2337.0 7236.0 7236.0 7236.0
D/C 100.2% 102.9%  102.3% 34.2% 34.2% 33.4%
Nonlin Bent Displ. (in) 0.5 0.5 0.5
Bent Yield Displ. (in) 1.2 1.2 1.2
Bent Displ. Ductility 0.40 0.41 0.41
Lin Col M/ Lin Col V 12.6 12.6 12.6 12.7 12.7 12.7
Nonlin Col M / Nonlin Col V. 12.6 12.6 12.6 12.7 12.7 12.7
Cross Frame Elastic Stiffness (k/in) 1,579.7 1579.7 1,579.7 1579.7 1579.7 1579.7
Cross Frame Yield Strength (kips) 261.2 261.2 261.2 261.2 261.2 261.2
Column moment of Inertia (in4) 2.6E+05 2.6E+05 2.6E+05 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 835.0 835.0 835.0 4,227.2 4,227.2 4,227.2
Ksuper / Ksub 1.89 1.89 1.89 0.37 0.37 0.37
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3.3.7.Column Stiffness in Single-Column Bents

Table 3-11 compares several key seismic response parameters from nonlinear time
history analysis of 3-span 4-girder bridges with cross fame brace size of L2.5x2.5x3/8
and elastic single-column bents. The variable parameters in this study are:

e 6ft diameter single column bents with 20ft, 25ft, and 30ft heights

The results indicate that total seismic shear force demand decreases with increased
column height (decreased stiffness). Consequently, the effectiveness of the ductile cross
frames over the bents in reduced. The table shows that the seismic force reduction factor
at the bents decreases from 2.4 to 1.4 as the ratio of superstructure to substructure
stiffness increases from 1.5 to 5.2. The equation for the seismic force reduction factor is

calculated as:

R = VVLinear (3_3)

Nonlinear



Table 3-11. Effect of Column Stiffness in Single Column Bents

Case 4

A B C
End Cross Frame Ductility Ductile  Ductile  Ductile
End Cross Frame Brace Size L25 L25 L25
Number of Girders 4 4 4
Girder Spacing 12 12 12
Spans 3 3 3
Bent Column(s) 1Col20ft 1Col25ft 1Col30ft
Column Size 6ftdia. 6ftdia. 6 ftdia.
Coulmn Ductility Elastic Elastic Elastic
Self Weight (kips) 2,706.0 2,706.0 2,706.0
Linear Base Shear V (kips) 3,5690.9 3,397.3 2,880.1
Nonlinear Base Shear V (kips) 1,2444 13491 12734
Linear V /W 132.7% 125.5%  106.4%
Nonlin V/W 46.0% 49.9% 47.1%
Nonlin Total Shear Reduction 65.3% 60.3% 55.8%
Total R 2.9 2.5 2.3
Tributary Weight at Bent (kips) 1,087.6 1,087.6 1,087.6
Linear Bent V (kips) 871.8 692.8 521.8
Linear Bent XF Displ (in) 1.6 1.5 1.3
Linear Drift at Bent XF 2.0% 1.9% 1.6%
Nonlin Bent V(kips) 359.70 386.00 367.10
Nonlin Bent XF Displ (in) 3.2 34 34
Yield Displ. (in) 0.32 0.32 0.32
Displ. Ductility 10.1 10.5 10.5
Nonlin Drift at Bent XF 4.0% 4.2% 4.2%
Nonlin V Bent / W Bent 33.1% 35.5% 33.8%
Nonlin Bent Shear Reduction 58.7% 44.3% 29.6%
BentR 24 1.8 14
Tributary Weight at Abut (kips) 265.4 265.4 265.4
Linear Abut V (kips) 924.3 1,008.9 957.6
Linear Abut XF Displ (in) 1.0 1.1 1.0
Linear Drift at Abut XF 1.2% 1.3% 1.3%
Nonlin Abut V (kips) 274.1 303.4 307.4
Nonlin Abut XF Displ (in) 35 4.2 5.0
Yield Displ. (in) 0.32 0.32 0.32
Displ. Ductility 10.9 13.1 15.5
Nonlin Drift at Abut XF 4.4% 5.2% 6.2%
V Abut / W Abut 103.3% 114.3% 115.8%
Nonlin Abut Shear Reduction 70.3% 69.9% 67.9%
Abut R 3.4 3.3 3.1
Column Nonlin BM Demand (k-ft) 11093.7 13235.7 14977.3
Column Yield Moment (k-ft) 7236.0 7236.0 7236.0
D/C 153.3% 182.9%  207.0%
Nonlin Bent Displ. (in)
Bent Yield Displ. (in)
Bent Displ. Ductility
Lin Col M/ Lin Col V 28.0 34.4 37.8
Nonlin Col M / Nonlin Col V. 30.8 34.3 40.8
Cross Frame Elastic Stiffness (k/in) 1,579.7 1,579.7 1,579.7
Cross Frame Yield Strength (kips) 261.2 261.2 261.2
Column moment of Inertia (in4) 1.3E+06 1.3E+06 1.3E+06
Substructure lateral Stiffness (k/in) 1,032.0 528.4 305.8

Ksuper / Ksub 1.53 2.99 5.17
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3.3.8.Conclusions

The effectiveness of ductile cross frames in steel girder bridge superstructures depends on
several parameters:

e Single-column and multi-column bents

e Number of girders, girder spacing, and number of spans

e Size of the diagonal members at support cross frames.
These parameters can be correlated to substructure stiffness Kg,p and superstructure
stiffness Kgyper. Indeed, it was observed from the parametric study that Ksy, and Kgyper are
the primary factors that affect the overall effectiveness of ductile cross frames in straight
bridges. The support cross frames are effective as “fuses” during a seismic event when
they undergo large inelastic activity. However, when the substructure at a support under
consideration is flexible, less seismic forces are attracted and thus the cross frames may
not be able to provide the needed energy dissipation through yielding and buckling of its
members. If the superstructure is much stiffer than the substructure, inelasticity could
occur in the columns instead of the support cross frames. Therefore, ductile cross frames
are most beneficial when inelasticity in the system is concentrated in the support cross
frames only which means that the other components along the load path, like the

columns, should remain elastic.

Seismic force reduction factors (R-factors) were used to quantify the effectiveness of
ductile support cross frames when employed in straight bridges. This R-factor was
calculated from the response of elastic and inelastic models to the ground motion for

different superstructure and substructure stiffnesses. In AASHTO Specifications (2009),
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seismic design force effects were determined by dividing the force effects resulting from

elastic analysis by the appropriate R-factor.

The interaction between the R-factors and the stiffness index a, Ksuper/Ksub, are shown
in Figure 3-61 for the bridge (total R-factors) and in Figure 3-62 for bent locations only.
Although the data points shown are grouped into single-column bents and two-column
bents, the effect of varying the different parameters shown above is incorporated in these
plots. Results from the analyses where the ductility ratios at support cross frames are
more than 12 were excluded in these plots. It can be inferred from Figure 3-61 that for a
equal and less than 2, an R-factor of 3 can be used for bridges with two-column bents.
Since bridges with single-column bents have relatively flexible substructures and in-plane
torsional mode is more pronounced, an R-factor of 2 is recommended. It can be observed
in Figure 3-62 that the same recommendations for limits of a and R-factor are also
applicable at the bents. Also, based on subassembly and shake table experiments with o
equal and less than 2, the lateral drift of ductile superstructures should be limited to 4%,
(Itani et al., 2010) where the lateral drift is defined as the difference between the lateral
displacement of the top and the bottom flanges of the plate girder to the height of the

plate girder.
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Figure 3-1. Plan and elevation of the three-span five-girder bridge
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Figure 3-2. Details and dimensions of the elastomeric bearings
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Figure 3-3. Finite element model of the three-span five-girder bridge (deck is not shown for clarity)



Figure 3-4. Close-up view of finite element model showing mesh size and other details
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(b)

Figure 3-5. View of bridge model with flexible substructures: (a) 25ft bents, (b) 50ft bents
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Figure 3-6. Pushover deformed shape for rigid substructure
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Figure 3-7. Transverse shear force at abutments or bents versus displacement for bridge with rigid

susbtructure
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Figure 3-9. Von Mises (ksi) stress distribution in steel girders for rigid substructure (deck not shown)
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Figure 3-12. Shear connector force distribution in Girder 2 at 1.3% drift for rigid substructure
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Figure 3-13. Shear connector force distribution in Girder 3 at 1.3% drift for rigid substructure
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Figure 3-15. Shear connector force distribution in Girder 2 at 5% drift for rigid substructure
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Figure 3-16. Shear connector force distribution in Girder 3 at 5% drift for rigid substructure
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SAP2000  Filename: CT-355-final-flex1-01.sdb Stiess 5YM Diagram - Visible Face [ Case: Pushover-mode

Figure 3-21. Von Mises (ksi) stress distribution in steel girders for 25ft bents (deck not shown)
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Figure 3-23. Shear connector force distribution in Girder 2 at 1.3% drift for 25 ft bents
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Figure 3-24. Shear connector force distribution in Girder 3 at 1.3% drift for 25 ft bents
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Figure 3-25. Shear connector force distribution in Girder 1 at 5% drift for 25 ft bents
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Figure 3-26. Shear connector force distribution in Girder 2 at 5% drift for 25 ft bents
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Figure 3-31. Pushover deformed shape for 50 ft bents
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Figure 3-32. Von Mises (ksi) stress distribution in steel girders for 50 ft bents (deck not shown)
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Figure 3-34. Shear connector force distribution in Girder 2 at 1.3% drift for 50 ft bents
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Figure 3-44. Views of first transverse mode in single-column bent bridge
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Figure 3-45. Views of torsional mode in single-column bent bridge
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Figure 3-54. Effect of ratio of superstructure to substructure stiffness in two-column bents for entire
bridge

Figure 3-55. Effect of ratio of superstructure to substructure stiffness in two-column bents for bents
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Figure 3-56. Effect of ratio of superstructure to substructure stiffness in two-column bents for
abutments

Figure 3-57. Effect of ratio of superstructure to substructure stiffness in single-column bents for
entire bridge
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Figure 3-58. Effect of ratio of superstructure to substructure stiffness in single-column bents for
bents

Figure 3-59. Effect of ratio of superstructure to substructure stiffness in single-column bents for
abutment
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CHAPTER 4 BEHAVIOR OF END CROSS FRAME
COMPONENTS UNDER LATERAL LOADING

4.1. Types and Configurations of Bridge Cross Frames

4.1.1Introduction

The AASHTO Specifications (AASHTO 2004) specify that diaphragms or cross frames
may be placed at the ends of the structure, across interior supports, and intermittently
along the span. Experimental and analytical investigations showed the importance of end
cross frames in steel plate girder bridges in transferring the lateral seismic loads the
bearings. These results also showed with proper attachment of the R/C deck to the cross
frames over support locations, the intermediate cross frames along the span are not

subjected to significant seismic forces.
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AASHTO specifications define the cross frame as a transverse truss framework
connecting adjacent flexural components used to transfer and distribute vertical and
lateral load and provide stability to the compression flange. On the other hand, the
diaphragm according to AASHTO is defined as vertically oriented solid transverse
member connecting adjacent longitudinal flexural components to transfer and distribute
vertical and lateral loads and provide stability to the compression flanges. The cross
frames over support locations can be divided into two main types: 1) abutment cross
frames and 2) bent/pier cross frames. The main difference between the two types is that
the top chord of the abutment cross frame needs to support wheel loads due to the

discontiuity of the R/C deck.

There are no standard specifications or details for the design of cross frames and
diaphragms. Typical support cross frame consists of top chord, diagonal braces, and
bottom chord. Variations exist between several parameters of cross frames:

e Pattern of diagonal braces: X, V, inverted V (chevron), or Z.

e Member cross section: single angle, double angles, T, or double channels.

 End connection detail: welded or bolted.

Figure 4-1 and Figure 4-2 show bent cross frames with V and X patterns for the diagonal
braces, respectively. The diagonal members are made of single angles while the chord
members are made of double angles. Figure 4-3 and Figure 4-4 show abutment cross

frames with a V-pattern for the diagonal. The diagonal members are made of single
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angles while the top chord and the bottom chords are made of W-shape sections. Figure
4-5 shows diaphragms with a built I-sections and transverse stiffeners while Figure 4-6

shows a rolled shape section diaphragm.

Figure 4-7 to Figure 4-9 show the details of cross frames with inverted V-pattern for
diagonal braces and their welded end connections. Figure 4-10 to Figure 4-12 show the
details of cross frames with X-pattern for diagonal members and their welded end
connections. Figure 4-13 to Figure 4-15 show details of cross frames with X-pattern for

diagonal braces and their bolted connections.

All the above figures show that the cross frames and diaphrams can have large number of
variations and end details. Based on discussions with many bridge designers and steel
fabricators Gatti (Gatti 1993) compiled preferred details for various types and patterns of
cross frames. Figure 4-16 shows preferred details for abutment cross frames, while
Figure 4-17 shows prefered details for intermediate cross frames when they are subjected
to large forces such as the case in tightly curved bridges. When intermediate cross
frames are not subjected to large forces such as the case in straight bridges it is preferred
to eliminate the gusset plate from the end connection and attach the cross frames directly
to the transverse stiffener of the plate girder as shown in Figure 4-18. It is imprtant to
note here that in this case, many designer prefer not to use the top chord. Figure 4-19
shows the preferred details at bent locations which all the members of the cross frames
are welded to gusset plates which in turn are bolted to the transverse stiffener of the plate

girder.
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Due that lack of information on the seimsic response of cross frames bridge designers
started to use R/C diaphragms that are monolithic to the R/C deck. This detail will
transfer the seismic forces and does not subject the shear connectors on the plate girders
to seimsic forces. Figure 4-20 shows the diaphragm detail that was used on the steel
alternative design of I5/SR14 interchage (ltani and Reno, 1994). Also, Figure 4-21
shows the detail that is used in the State of Tennessee in which steel cross frames are
used during the erection of the steel plate girders then the R/C diaphgram will be cast at a

later stage.

4.1.2Attachment of R/C Deck to Steel Plate Girders and Cross Frames

To achieve composite acrtion in the poistive flexure regions shear connectors are used in
that zone. These connectors are designed for fatigure and checked for strength based on
the ultimate axial capacity of the plate girder and the effective width of the deck. The
shear connectors are then spaced according to governing case. Analytical and
experimental investigations by Carden et al (Carden 2004) show the importance of shear
connectors in transferring the seimsic forces to the substructure. This investigation
showed that the shear connectors at suppot locations will be subjected to shear and axial
forces. If these connectors are not designed for such forces they may fracture and thus
alter the load path. It is interesting to note here that some state Department of
Transportations do not allow shear connectors to be placed in negative moment zones due

to presumed fatigue problems. This practice will have a detrimental effect on seimsic
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force transfer to bents since the inertia forces in the deck will be transferred through the
weak axis bending of the noncomposite plate girder. Furthermore, the intermediate cross
frames will be subjected to significant seimsic forces and may cause their failure if they

are not designed for.

Figure 4-22 shows the kinematics of a support cross frame where the shear connectors are
placed on the top of the plate girders under lateral loads. As the the plate girder undergos
lateral displacement the top and the bottom chords will be subjected to combined axial
and bending effects. Furthermore, the shear connectors will be subjected to combined
axial and shear. To faciliate the transfer of the lateral forces over bent locations, some
bridge engineers connect the top chord to the R/C deck through shear connectors. Figure
4-23 shows the kinematics of a support cross frame where the shear connectors are placed
on the top chord. As the plate girder undergoes lateral displacement, the shear connector
of the top chord will be subjected to axial and shear forces. The chord member will be

subjected mainly to flexure and axial forces.

4.2. Behavior of Shear Connectors under Shear and Axial Forces

4.2.1Connectors under Shear Forces

The fatigue resistance and strength limit states of shear connectors are specified in the
AASHTO LRFD Specifications (AASHTO 2004). The strength limit state of shear
connectors was based on 48 two-slab push-out specimens that were conducted by

Ollgaard et al (1971). Figure 4-24 shows one of the test specimens that was used for this
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investigation. The main purpose of their investigation was to evaluate the capacity and
the behavior of stud shear connectors embedded in normal and light weight concrete.
The main conclusion that was drawn from the study is that the shear strength of the stud
embedded in normal and light weight concrete is influenced by the concrete compressive
strength and the modulus of elasticity. The following empirical function described the

test results:

_ 10.3 0.4
Q, =1.106A f_°°E, (4-1)

while the following the following simplified equation was used for design purposes in

AASHTO Specifications:

Q, = ¢.Q, =0.85x05A /f.'E, < A_F, 4-2)
where A IS the area of the connector, f’. is the concrete strength in ksi, E. is the concrete
modulus of elasticity in ksi, and F, is the tensile strength of the connector. Also, the
specifications provide detailing requirements for minimum transverse and longitudinal
spacing equal to 4ds; and 6ds. respectively. In addition, the specifications require that the
clear depth of the concrete cover over the tops of the shear connector should not be less

than 2.0 in. while the connector should penetrate at least 2.0 in. in the concrete deck.

4.2.2.Connectors under Axial loads and Combined Tension and Shear Forces

Section 6 of the AASHTO LRFD Specifications does not have any provisions for the
tension capacity limit state of shear connectors. Appendix D of ACI 318-05 code (ACI

2005) provides the ultimate capacity of studs anchored in concrete. This document
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describes various modes of failure in both tension and shear of the stud-concrete joint.
Depending on the size, length, spacing and edge distance, the failure mode may occur in

the stud or in the concrete.

The limit states for a stud anchored in concrete under tension loading are:
e Steel strength of stud in tension
e Concrete breakout strength of stud in tension

e Pullout strength of stud in tension

The steel strength of stud in tension is:
N, = AcF, (4-3)
where Fy is the specified tensile strength of the anchor and A is the cross sectional area

of the stud.

The concrete breakout strength of a stud based on failure cone surface as shown in Figure

4-25 is calculated from the following equation:
— 'hl5
Nb - 24\/Tchef (4_4)
where h, is the embedded length of the studs in inches and f, is the compressive

strength of concrete in psi. For a group of studs the concrete breakout strength as
calculated above is modified by the area of the overlapping failure cones.

The pullout strength of a stud in tension is expressed as:

N p = 8Abrg fc (4_5)
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where A, is the bearing area of the stud head in units of in”.

The ACI document also provides limit states for a stud anchored in concrete under shear
loading, they are:

e Steel strength of stud in shear.

e Concrete breakout strength of stud in shear.

e Concrete pryout strength of stud in shear.

The steel strength of stud in shear is:

Vsa = Asc Fu (4_6)

where F, is the specified tensile strength of the anchor and A is the cross sectional area

of the stud, which is similar to the AASHTO equation.

The concrete breakout strength of a stud is governed by the edge distance. Since the
bridge shear connectors over the girder flanges are placed well away from the concrete
edge. Therefore, the limit state of concrete breakout in shear failure will not govern the
design of shear connectors. The concrete pryout strength of a stud in shear is equal to
concrete breakout strength in tension for studs 2.5 in. and shorter. For longer studs the

concrete pryout capacity in shear is twice the concrete breakout strength in tension.

For combined tension and shear, the ACI document provides an interaction equation.

The shear-tension interaction is expressed as:
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¢ ¢
( N, J +(V_UJ <10
Nsa Vsa (4_7)

where ¢ varies from 1 to 2. ACI recommends a trilinear curve that is a simplification of

the above expression with ¢ = 5/3. It also states that for the combined effect of axial and
shear forces, the sum of ratio of demand over capacity for shear and tension should not
exceed 1.2 as:

N
N

Ve g1
Vsa

sa

(4-8)

4.2.3.Behavior of R/C Deck and Plate Girder Studded Joint

The shear connectors over the top flange of steel girders create a moment connection in
the deck for the out-of-plane bending moment about the bridge longitudinal axis. Figure
4-26 shows a transverse section of the moment connection at the deck and plate girder
joint. Since the transverse shear forces are higher than the longitudinal forces in the shear
connectors near the ends, as shown in Figure 4-27 and Figure 4-28, the longitudinal shear
forces in the studs are not considered here. In order to calculate the ultimate capacity of
this moment connection per unit length of the span, the section included all the studs and
concrete that are present over a strip of unit length. The studded joint may be analyzed
as a short reinforced concrete beam section with studs as reinforcement. Assuming the
distance from the tension reinforcement to center of the concrete compression block is
very close to the distance between the outer studs, then ultimate moment capacity of this

section can be estimated by:
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M, = N_d (4-9)

u sa

where d is the transverse spacing of the studs.

Referring to Figure 4-26 the moment that is developed in the studded connection as a

result of the transferred shear F is:

M = F(h+1)=Td
2 (4-10)

where h is the haunch thickness, t is the deck thickness, T is the tensile force developed
in the stud, and d is the stud spacing. Therefore, the ultimate shear force that would cause

axial tension failure in the outer stud is:

Nd
I:ult_axial = —t
(h+)
2 (4-11)
and the ultimate shear force on the connection to cause shear failure in the studs is:
Fult_shear = 2Vsa (4_12)
In order for the axial failure in one of the studs to occur before the shear failure:
I:ult_ axial < I:ult_ shear (4_13)
Nsaqt < 2Vsa
(h+)
2 (4-14)

Since due to stud size, length, and spacing concrete breakout failure does not occur and

the ultimate axial (N, ) and shear (V) capacities of the studs are the same. Hence:
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d<2h+t (4-15)
This requirement is almost always met in typical steel girder bridges for non-seismic
loads. Therefore, if the concrete breakout strength as shown in Figure 4-25 is larger than

the steel tensile strength of the stud, the tensile failure of studs will precede shear failure.

4.3. Behavior of Cross Frame under Lateral Loading

Chapter 3 showed that support cross frames at abutments and bents transfer the seismic
forces to the substructure. Therefore, it is important to understand the behavior of
various components of cross frames, chords and diagonal members, under lateral forces.
Also, Chapter 3 showed the advantages of using the diagonal members of the cross
frames as a “fuse” by controlled buckling and yielding to dissipate the input energy. All
the other components of the cross frames should be designed to stay elastic. Limit state
analysis is normally used to for such system to protect the elastic members and limit the

inelasticity to the diagonal members that are specially designed and detailed.

4.3.1Behavior of Special Diagonal Members

As discussed before, the diagonal members of cross frames can have several patterns and
cross sections. The most common economical cross section of the diagonal members is
the single angle section. These members are commonly used as braces in building
construction in seismic zones. IBC 2006 and CBC 2007 recognize the Special

Concentric Braced Frame System (SCBF) as an acceptable framing system that can be
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used in high seismic zones. The lateral response of SCBF can be similar to the end cross
frames in plate girder bridges. During seismic events, the end cross frame will deflect
through horizontal displacement creating axial forces in the diagonal members. Assuming
that the lateral displacement is equal to A and the axial displacement in the diagonal
member is 9§, the yield displacement of the axial member is:

5 < FL
"TE (4-16)

where L is the length of the axial member.

Based on the depth of the girder, D, and the spacing of the girders, S, a relationship can
be derived between A and 6. This relationship is assuming that the top and bottom chords
are pin ended:

0 =Acosa (4-17)

where ais the inclination of the diagonal members. Assuming that the lateral drift in the
end cross frame is equal to 4%, and using Fy = 36 ksi and 50 ksi where the expected yield
stresses are 1.5x36 = 54 ksi and 1.3x50 = 65 ksi, then the limitation on the girder depth to
girder spacing for various displacement ductility is shown in Figure 4-29. Figure 4-30
and Figure 4-31 show the free body diagrams of the two types of the cross frame where
the R/C deck is attached to the top of the plate girders and the R/C deck is attached to the

top chord of the cross frames.

The overall seismic behavior of cross frames is affected by the diagonal braces. Axial

members under cyclic loading have been investigated by a number of researchers over
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the past thirty years. These members play an important role in braced frames since they
significantly contribute to their strength and stiffness. Based on past experiments, the
qualitative and the quantitative features of the seismic response of these members are
well understood for building structures. However, the dimensions and the details that are
used in building structures differ from those of bridge structures. Therefore, it important
to study the behavior of diagonal members similar with aspect ratio (girder depth/girder

spacing) that can be found in bridge structures.

Carden et al (2004) conducted cyclic axial experiments on 17 single angle members, with
various dimensions and different end details. The angles came from three different
batches of ASTM A36 steel, with ASTM coupon tests performed on a flat bar specimen
from each of the three batches. Different lengths were used to represent the full and half
lengths of the diagonal members in X-braces, resulting in specimens with different Kl/r

and b/t ratios.

A 1.0 in. thick gusset plates were used in the experiments to promote formation of plastic
hinges in the angles rather than the gusset plates during buckling. This was expected to
more accurately represent the behavior diagonal members in cross frames. The end
conditions of the specimen varied between bolted and welded connections. The welded
specimens used balanced welds, whereby the length of the weld on each side of the angle
was equal to inverse of the relative distance from each edge to the centroid of the angle.
The balanced welds resulted in the edge at the outstanding leg of the angle being

connected with a full length weld between the gusset plate and the angle while the other
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edge was welded along approximately half of this length. These were designed to
minimize stress concentrations in the connected leg when axial loads were applied to the

member.

Each specimen was subjected to cycles of alternating tension and compression with
amplitudes increasing by 0.25 in. increments of displacement, although, for some of the
specimens the initial displacement cycle was larger than 0.25 in., as necessary to observe
buckling or yielding of the member. Some of the members were first subjected to tensile

actions while others were first subjected to compressive actions, as given in Table 4-1.

Table 4-1. List of Cyclic Axial Single Angle Experiments

Effective Gusset :
. ; Coupon . Connection : a b
Specimen Section Test Le_nglh Thlc_kness (Rainforced) First Cyclb A A, bit Klr
(in.) (in.)
A 1%4x1%x 14 1 40.5 Va Bolted Compression 0.81 7 119
B 13413 Y4 1 40.5 1 Bolted Compression 0.81 7 83
C 134x 134 1a 1 40.5 1 Bolted Tension 0.81 i 83
D 1341314 1 40.5 1 Bolted (x) Tension 0.93 7 83
E 1365 13%x Y4 1 40.5 1 Bolted (c) Compression 1.00 7 83
F 134x1%x V4 1 225 1 Bolted Compression 0.81 7 46
G 134 1%x V4 1 225 1 Bolted Compression 0.81 ¥ 46
H 134x134x 14 1 225 1 Bolted (x) Tension 0.93 7 46
I 136513 Y4 1 225 1 Bolted (c) Compression 1.00 7 46
J 13413 V4 2 40.5 1 Welded Compression 1.00 7 83
K 1342131 2 40.5 1 Welded Tension 1.00 7 83
i 134x1%x Y4 2 225 1 Welded Compression 1.00 7 46
M 1341314 2 22.5 1 Welded Tension 1.00 ¥ 46
N 1x1xX 3 50.5 1 Welded Compression 1.00 533 181
0] 1x1xx 3 50.5 1 Welded Tension 1.00 533 181
P 1x1xX 3 254 1 Welded Compression 1.00 5.33 91
Q 1x1xx 3 254 1 Welded Tension 1.00 533 9
“The limiting b/t ratio for members of special concentrically braced frames in accordance with the AISC Seismic Provisions (2002) is 8.5
and for AASHTO (1998) is 12.8, and therefore satisfied by all members.
"The limiting KI /rfor special concentrically braced frames based on the AISC Seismic Provisions (2002) is 167 and for AASHTO (1998) is
120 for primary members, and therefore satisfied by all members, except Specimens N and O. K= 1.0 for Specimen A and K = 0.7 for the
remaining specimens.

The experimental assembly used for the single angle experiments is shown in Figure
4-32. Axial forces were applied to the members using an actuator which was attached to

slider to ensure axial loads. The variation in force due to friction in the slider was
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measured at less than 1 kip and was neglected in the analysis. Axial displacements and

forces were measured by the actuator.

Force-displacement traces for each single angle experiment are shown in Figure 4-33 to
Figure 4-37. The shape of the observed hysteresis loops is similar for each experiment
and comparable to those observed in the past for single and double angles (Jain 1980, EI-
Tayem 1986, and Itani 1991). In tension, the members yielded followed by a post-yield
increase in strength due to cyclic and strain hardening. In compression, the members
buckled followed by immediate strength degradation. Stiffness degradation was also
observed as the members elongated resulting in an increased displacement for the same
tensile force with successive cycles. The number of cycles that each member was
subjected to prior to failure differed with the failure mode for each member (Table 4-2)
and depended largely on the type of connection. Bolted specimens with unreinforced
connections each fractured in the region between the edge and first bolt hole of the
connected leg, as illustrated in Figure 4-38. Failure was typically observed much earlier
in members with this type of connection than in the other members. With the reinforced
bolted connections, which had an increased An/Aq ratio, the failure was moved to outside
the connection region. Failure in these members occurred in the plastic hinge formed
during buckling at either end of the member (Figure 4-39) with a crack propagating from
the edge of the connected leg. The welded connections resulted in an even further
improvement in the performance of the angles. These members failed in the plastic
hinges formed either at the end of the angle or at midspan at shown in Figure 4-40. The

balanced weld appeared to delay the initiation of cracking at the edge of the connected
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leg due to an apparently lower stress concentration in this region compared to the bolted
connections.

Table 4-2. Failure Mode, Maximum Effective Axial Strains, and Cumulative Effective Plastic Axial
Strains in the Angles

. : Measured Ultimate Theoretical Yield Cumulative Effective
Spegmen. | “hailire.Made Axial Strain (%) | Displacement (in.) Plastic Strain (%)
A At bolt hole 3.1 0.0754 23
B At bolt hole 4.9 0.0754 77
C At bolt hole 5.4 0.0754 82
At end plastic
D hinge 6.2 0.0754 127
At end plastic
E hinge 6.2 0.0754 1156
F At bolt hole 55 0.0419 52
G At bolt hole 55 0.0419 57
At end plastic
H hinge 8.1 0.0419 127
At end plastic
| hinge 8.9 0.0419 144
At midspan
J plastic hinge 7.4 0.0754 176
K Al TpiksEal 7.7 0.0754 190
plastic hinge
At end plastic
L hinge 9.0 0.0419 146
At end plastic
M hinge 8.0 0.0419 128
At end plastic
N hinge 6.0 0.0940 142
At midspan
@] plastic hinge 12.2 0.0940 596
At end plastic
P hinge 10.0 0.0473 201
At midspan
Q plastic hinge 7.0 0.0473 113

The maximum average axial strain is used to describe the maximum deformation in each
specimen. The average axial strain was calculated using the axial displacement divided
by the length of the member (Table 4-1). This measure of axial deformation, unlike
ductility, is independent of the yield displacement which was shown to depend on the
loading history and factors such as slippage in the connections and thus was difficult to

determine. The maximum strain is also a useful measure as it can be converted to a
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maximum drift in X-brace assemblies. Table 4-2 shows that the maximum effective axial
strain for each specimen ranged from 3% to 12%, indicating a large variation in the
displacement capacity of the members. Even between theoretically identical members
there was up to a 100% difference in their ultimate strains. While there was much
variability, distinct factors had an effect on the maximum displacements. An increased
An/Aq correlated to an increase in displacement due to prevention of premature failure
around the bolt holes. For the welded members, and bolted members where fracture was
prevented in the connection region using thickening plates, the maximum effective axial
strain was at least 6%, while the bolted members where fracture occurred in the
connections had a maximum strain below 6%. These details are recommended for the

single angles in ductile end cross frames.

The cumulative plastic strain of each member was calculated to investigate the
cumulative plastic deformation capacity. Cumulative plastic strain is defined as the
absolute sum of the displacements in excess of the yield displacement divided by the
member length for each cycle of deformation in the braces. This is quite different from
the true strains in the brace due to the effects of buckling and elongation of the members.
In order to define the cumulative plastic strain the yield displacement was calculated

based on a theoretical value, 4,, given by:

’ E (4-18)
where Fye is the expected yield stress, | is the length between the centroid of the

connections, and E is the elastic modulus of the steel member.
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The cumulative plastic ductilities for each specimen are given in Table 4-2. Because of
the increasing amplitude loading history there was a correlation between the maximum
strains and the cumulative plastic capacity of the specimens. Those members with
fracture observed in their connections resulted in cumulative plastic strains between 23
and 82%. AIll members for which fracture was prevented in the connections resulted in
cumulative plastic strains between 113 and 201%, with the exception of Specimen O,
which had an unusually high cumulative plastic strain of 596%. This was one of two
members that violated the Kl/r limit of 120, which may explain the large cumulative
strain as the buckled behavior was largely elastic resulting in less cyclic plastic
deformation in the members, particularly localized deformation in the plastic hinges.
Less localized plastic deformation allowed the member to undergo a larger number of
cycles, however it made the member less effective as an energy dissipater than one that
undergoes inelastic buckling. Furthermore, the slender properties resulted in a large
variability in response as illustrated when Specimen O is compared to the theoretically
identical Specimen N (Figure 4-37). The average cumulative strain for members without

connection fracture, neglecting Specimen O, was 146%.

From these experiments it is recommended that single angle members in ductile end cross
frames should be designed for a maximum deformation during an earthquake not
exceeding 4.0%. Therefore, for the maximum considered earthquake a strain of no more
than 6.0%, 1.5 times the design level earthquake, would be expected. This is consistent

with the design of an isolation system which should be stable up to 1.5 times the design
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displacement (AASHTO, 1999) and also the buckling restrained braced frame guidelines
which state that a brace should be capable of withstanding building drifts up to 1.5 times
the design drift (SEAONC, 2003). The maximum strain limit of 6.0% is less than that for
any of the members where fracture was avoided in the connection region, using thickened

plates with bolted connections or balanced welded connections.

Tests were performed on coupons taken from single angle members of the same heat
numbers as the members used in the bridge model in accordance with ASTM A370
standard coupon test for flat bars. Test 1 was for the heavy single angles with bolted
connections, Test 2 was for the heavy single angles with welded connections and Test 3
was for the light single angles. Each set of angles came from a different heat number.
The yield strengths from the three tests were 55%, 27% and 36% larger respectively than
the minimum specified strength of 36 ksi for the ASTM A36 steel members. The
ultimate strength was 50-52% larger than the measured yield stress for each specimen

and the elongation at fracture was between 30-35% for each specimen.

The tensile yield point for the single angle specimens is defined as the point where the
entire member yields. For a concentrically loaded member subjected to monotonic axial
loads, this point can be clearly identified using such limits as the force at 0.2% offset
strain. However, for the single angle members subjected to cyclic loads it was more
difficult to identify the yield point, firstly; because there was an eccentricity in the
connection between the single angles and the gusset plates with the resulting moment

causing part of the member to yield before the entire member yielded. Secondly, there



158

was slippage in the bolted connections that resulted in additional axial displacement,
effectively reducing the stiffness of the member prior to yielding. In addition, some of
the members buckled in compression before being subjected to tension; hence the
properties of these members were modified by the formation of a plastic hinge due to
buckling. These factors made it impossible to use a consistent method to identify the
yield point. The yield point was subsequently identified by inspection at the point where
the yield plateau was observed, indicating that the entire member had yielded. The yield
force was relatively insensitive to variation in selection of the yield point and prior

loading history. The estimated yield forces for each experiment are summarized in Table

4-3.
Table 4-3. Tensile and Compressive Strengths of Single Angle Specimens Compared with Expected
Properties
Spec. Tensile Strength Compressive Strength
I\."Iea_sured Mea_\surecl Nominal Yield Force Exp_ecled I\."Ieasu_red Calc:ula_lted Calcul:_ﬂed
Yield Ultimate Yield Force Coupon Yield Buckling Buckllnga Buckllngcj
Strgnglh quce (kips) Tt?sls Strr_englh Slrgngth Forf:e 1 For_ce 2
(kips) (Kips) (Kips) (Kips) (kips) (kips) (Kips)
A & 43.4 29.8 45,5 43.9 15.9 122 14.3
B 44.9 50.8 29.8 455 439 217 122 25.8
c 446 49.2 29.3 45.5 439 204 122 25.8
D 448 56.0 29.3 45.5 43.9 17.8 122 25.8
E 43.8 54.6 29.3 45.5 43.9 29.9 122 25.8
F 45.2 47.8 29.3 45.5 43.9 33.7 18.8 28.2
G 451 47.7 29.3 455 43.9 33.9 18.8 38.2
H 45.0 54.9 29.3 45,5 43.9 31.3 18.8 38.2
| 448 56.8 29.3 455 439 305 18.8 38.2
J 38.5 48.6 29.3 37.2 43.9 20.2 122 234
K 38.6 49.2 29.3 37.2 43.9 20.8 122 234
L 40.0 51.9 29.3 37.2 43.9 28.5 18.1 323
M 40.2 52.0 29.3 37.2 43.9 28.7 18.1 323
N 16.3 18.6 12.2 16.7 18.4 6.3 1.4 2.6
(@] 17.4 20.8 12.2 16.7 18.4 4.6 1.4 26
P 16.6 20.7 12.2 16.7 18.4 12.0 44 92
Q 17.6 22.5 12.2 16.7 18.4 10.7 44 9.2
*Yield strength not clearly identified.
"Calculated based on AISC specifications (2005) with K = that calculated from Section E5(a)
‘Calculated based on AISC specifications (2005) with K = 1.0 for Specimen A (plastic hinges observed in gusset plates) and
0.7 for all other specimens (plastic hinges observed in angles).
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In order to compare the measured yield and ultimate forces with predicted values the
nominal yield forces, expected yield force based on the material strength from coupon
tests, and the expected yield force based on AISC (2002), were each calculated. The
nominal tensile strength is given by (AASHTO, 1998; AISC 2001):

Py = Fy A, (4-19)

where P, is the nominal yield force, Fy is the nominal yield stress of the material, and Aq
is the gross area of the section, assuming the connections are designed to prevent net
section fracture. The expected yield force based on the material strength from coupon
tests was calculated by using the actual yield strength of the material from the coupon
tests instead of the minimum specified strength in the above equation. The expected
force based on AISC (2002) was calculated by multiplying the nominal force by an Ry

factor of 1.5 as specified for A36 steel.

Each of these predicted values are given in Table 4-3. This table shows that the expected
yield strength based on coupon tests was within 7% of the measured yield strength. The
expected yield strength based on AISC (2002) was typically within 10% of the measured
yield force with a maximum difference of 14%. Therefore, while coupon tests are useful
to accurately define the expected yield force the Ry factor resulted in a good estimate for
these members. In all cases the strength of the members was above their minimum
specified values. The ultimate force or maximum force measured in each specimen was,
on average, 21% larger than their measured yield strength, with the maximum difference

being 28% (Table 4-2).
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The buckling capacity, or maximum compression force, for each specimen is listed in
Table 4-3.  The buckling capacity was dependent on the material properties, cross
sectional properties, effective length of the members and the loading history with
members subjected to prior tensile yielding typically having a reduced buckling capacity.
The buckling capacity, Py, was predicted using AASHTO (1998) (equivalent to AISC

(2001)), for the slenderness parameter, A, greater than 2.25, by:

— A
P, =0.66"F, A, (4-20)

where the slenderness parameter is given by:

A= (ﬁ)z i
rr) E (4-21)
where K is the effective length factor and r is the radius of gyration about the minor

principal axis of the angle.

The effective length was dictated by the end conditions. In practice there are two types
of end condition which exist, those where plastic hinging due to buckling is expected in
the gusset plates, such as for the detail shown in Figure 4-41 (a), and those where plastic
hinging will occur in the angles, for example, as for the detail in Figure 4-41 (b) where
the stiffener will be restrained by welds to the web and flange causing hinging in the
angle member, or in Figure 4-41 (c) where the bottom chord will prevent bending of the
gusset plate. The position of the plastic hinge is based on the relative stiffness and
flexural strength of the connecting plate and angle members. In most practical cases, the
location of the plastic hinges can be determined by inspection of the connection based on

the conditions described above. For Specimen A, connected to 0.5 in thick gusset plates,
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plastic hinging due to buckling was observed in the gusset plates. For the remaining
specimens, with the 1.0 in thick gusset plates to simulate the condition where the gusset
plates are restrained to prevent bending, plastic hinging was observed in the angle
members. While concentric braced frames are typically designed to allow hinging in the
gusset plates due to buckling, comparison of Specimens A and B (Table 4-3) show that a
rigid gusset plate causing a plastic hinge in the end of the angle resulted in a larger
displacement and cumulative displacement capacity. In the past attempts have been
made to quantify the effective length factor based on the relative stiffness of gusset plate
components (El-Tayem 1986, Astaneh-Asl 1985). EI-Tayem suggested an effective
length factor of 0.85, with the length defined by the full length of the angles, is
appropriate for typical single angle X-brace members with simple gusset plate
connections. In that study the plastic hinges at the ends of the members formed during
buckling occurred in the gusset plates. In the current study when the plastic hinge due to
buckling occurred in the gusset plate an effective length factor of 1.0 was assumed with
the length is defined between the centroid of the connections. This is comparable to an
effective length factor of 0.85 using the full length of the member and so is consistent
with the previous research. Alternatively, when gusset plates were sufficiently rigid or
restrained, resulting in plastic hinges in the angles, an effective length factor of 0.7 was
assumed. The resulting calculated buckling capacity for each specimen is given in Table
4-3, based on the yield strengths from coupon tests. For specimens not affected by prior
tension yielding, the measured buckling strengths were within around 20% of the
calculated strengths. As the buckling force was a relatively small part of the overall

strength of and X-brace a 20% error in buckling force correlated to a 5 to 10% error in
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the overall X-brace strength. While more elaborate analyses could be performed for
calculating the effective length factor, it is not be considered likely to result in improved
accuracy given the variability resulting from the effects of different loading history and
such factors. Prior tensile loading typically reduced the buckling capacity of the
members by about 20%. Specimen N was the one member first subjected to compression
that had a measured strength which differed from the calculated strength by more than
20%. This was also one of two slender members with a Kl/r ratio of 181. All other
members have a Kl/r ratio of less than 120. For slender members, the buckling capacity
is more sensitive to the effective length factor, while, for non-slender members the
capacity is relatively insensitive. Therefore, it is recommended that the cross frame
members, being primary members for seismic loading, use the AASHTO (1998) Kl/r
ratio limit of 120. This will prohibit the use of slender members such as Specimen N that
have buckling strengths which are sensitive to the effective length. The b/t ratios defined
by AISC Seismic Provisions (2002) for special concentric braced frames should also be

satisfied to prevent local buckling.

The area enclosed by each cycle of the hysteresis loops was calculated using a simple
algorithm for each specimen and was divided by the rectangular area enclosed by the
maximum positive and negative forces and displacements to give the hysteretic area as a
ratio of that for an “ideal” system. Analyses of the data show that early cycles have
hysteretic energy dissipation of typically 40% of the “ideal” hysteretic area, while for
subsequent cycles the equivalent energy dissipation is sometimes reduced to below 20%

prior to failure (Figure 4-42). The reduction in energy dissipation can be explained by
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considering the two primary sources of hysteretic behavior. The first is tensile plastic
deformations with increasing amplitude positive displacements. This deformation was
largely irrecoverable and essentially only contributed to dissipating energy when positive
displacement amplitudes exceeded previous amplitudes, resulting in pinched hysteresis
loops and, consequently, a decrease in energy dissipation with repeated cycles. This
property causes the amount of energy dissipation for a given cycle to be dependent on the
prior loading history. The second, more minor, source of hysteretic energy dissipation in
these types of members is from the plastic hinges formed during buckling of the
members. The axial force resisted by plastic hinges is dependent on the displacement in
the specimen, degrading as displacements increase in compression. Figure 4-42 shows
that the members with the larger slenderness (KI/r) ratios have smaller energy dissipation
ratios, which supports limiting the slenderness ratio to 120 as discussed in the previous

section.

4.4. Ductile End Cross Frames Design and Detail Requirements

Ductile end frames cross are cross frames that are specially designed and detailed to limit
the inelastic activity to the diagonal members where as all other components of the cross
frames stays elastic. Based on the experimental testing of the diagonal members, the
relative drift of the cross frame should be limited to 4% and the axial displacement
ductility of the diagonal members should not exceed 12. The diagonal members of the

cross frames should be configured either in an X-type or inverted V-type configurations
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with single or double angle cross section. Only welded connections should be used to

connect the diagonal members to the end gusset plates.

In X-type configuration, the diagonal members shall be connected where the members
cross by welds. The welded connection at that point should have a required resistance
equal to 0.25 times the nominal tensile resistance of the diagonal member. Meanwhile,
inverted V-type configuration, the top chord and the concrete deck at the location where
the inverted diagonals intersect should be designed to resist the vertical component of the
difference between the nominal tensile resistance of the diagonal member and the
absolute value of the nominal post-buckling compressive resistance of the diagonal

member taken equal to 0.3P,, where P, is the nominal compressive resistance.

Traditionally, diagonal cross frame member have shown little or no ductility during
seismic events. The overall member buckling produces plastic hinges at the mid-point of
the member and its two ends. At the plastic hinge, local buckling can cause large strains,
leading to fracture at even small deformations. It has been found by many investigators
that the diagonal cross-frame members with ultra-compact elements will be capable of
achieving significant ductility by forestalling local buckling. Therefore, width thickness

ratios of outstanding legs in single and double angles should be limited to:

b E
2203 |—
t F, (4-22)
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In order to minimize the detrimental effect of local buckling and subsequent fracture due
to repeated inelastic cycles, where b is the full length of the outstanding leg and t is the

thickness of the outstanding leg.

The hysteresis loops for diagonal member with different slenderness ratio vary
significantly. Loop areas are greater for stocky member than for a slender member,

hence the slenderness ratio of diagonal member should limited to

KL E
cao =
r F, (4-23)

where K is the effective length factor for in plane buckling which is equal to 0.7, L is the
unbraced length measured between the gusset plates, and r is the minimum radius of
gyration of the cross section. For members with X-type, L is taken as one-half the length

of the diagonal member measured between the gusset plate and middle of the member.

The nominal resistance of the diagonal members is equal to RyFyAy where Ry is a factor
that is used convert the minimum yield stress to the expected yield stress, For A36 and
A572 steels Ry is equal to 1.5 and 1.3, respectively. The end connection of the diagonal
member should be design for 1.2 times the nominal resistance of the axial and flexural
resistance of the diagonal member to ensure that the connection will stay elastic while

strain hardening occurs in the diagonal member up to 4% drift.



166

4.5. Behavior of Single Span Steel Bridge Superstructure under Lateral
Loading

Chapter 3 discussed the seismic response of multi-span steel bridge with and without
substructures. To better understand the behavior of steel superstructures under lateral
loading and compare the analytical results to the experimental results of a bridge model,
detailed nonlinear three-dimensional finite element models were developed in SAP2000
(CSI 2007). The pushover results of these models were compared to the experimental
data from the reversed cyclic tests conducted by Carden et al (Carden 2004). Carden et
al (2004) conducted experiments on the lateral cyclic response of a single span two-girder
bridge model bridge superstructure with elastic and ductile end cross frames.

According to test results, once the end cross frame begins to yield, and its lateral stiffness
decreases, it will undergo larger lateral deformations. This deformation causes larger
rotation about longitudinal axis in the ends of girders, resulting in increased out-of-plane
bending moment in the deck near the supports. As discussed in the previous section, the
out of plane bending in the deck translates into tension and compressive forces in the
shear connectors on top of girders. Therefore, when the top chord is not attached to the
deck, the response of shear connectors in bridges with ductile end cross frames is similar
to bridges with elastic cross frames; i.e. transverse and axial forces peak near the

supports.
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It can be concluded that high axial forces develop in shear connectors on top of steel
girders near the supports in steel girder bridges with ductile end cross frames despite
having a top chord attachment to the deck. Therefore, it is important to better understand

the behavior of shear connectors under combined shear and axial forces.
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Figure 4-1. Bent cross frames with V-pattern diagonals

Figure 4-2. Bent cross frames with X-pattern diagonals
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Figure 4-3. Abutment cross frames with V-pattern diagonals

Figure 4-4. Abutment cross frames with VV-pattern diagonals
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Figure 4-5. Built up I-section diaphragm with transverse stiffener

Figure 4-6. Rolled shape diaphragm
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Figure 4-7. Details of cross frames with inverted V-pattern diagonals

Figure 4-8. Details of cross frames with inverted V-pattern diagonals
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Figure 4-9. End details of cross frames with inverted V-pattern

Figure 4-10. Details of cross frames with X-pattern diagonals
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Figure 4-11. End details of cross frames with X-pattern

Figure 4-12. End details of cross frames with X-pattern
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Figure 4-13. Details of cross frames with X-pattern diagonals

Figure 4-14. End details of cross frames with bolted members



Figure 4-15. Middle details of bolted cross frames with X pattern
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Figure 4-20. Cross frame detail used on alternative design of 15/SR14 interchange
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Figure 4-21. Detail used in the State of Tennessee where cross frames are used during erection
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Figure 4-22. Kinematics of a support cross frame with shear connectors on the top girder flanges

Figure 4-23. Kinematics of a support cross frame with shear connectors on the top chords
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Long. Shear Force in Shear Connectors, kips

Distance Along the Span, in.

Figure 4-28. Longitudinal shear distribution in shear connectors on one girder for elastic
superstructure without top chord attachment

Figure 4-29. Limitation of D/S ratio for 4% drift limit
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Figure 4-30. Free body diagram of internal forces due to lateral loading with connectors on top flange
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Figure 4-31. Free body diagram of internal forces due to lateral loading with connectors on top chord



Figure 4-32. Experimental setup of cyclic axial experiments on angles
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Figure 4-38. Fracture of bolted single angle specimen

Figure 4-39. Fracture of single angle specimen with thickened bolted connection
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Figure 4-40. Fracture of single angle specimen with welded connections
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Figure 4-41. Different connection configurations for diagonal members of ductile end cross frames
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Figure 4-42. Energy dissipated per cycle as a percentage of "'ideal for single angle specimens
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CHAPTER 5 EXPERIMENTAL INVESTIGATIONS ON THE
END CROSS FRAME SUBASSEMBLY MODELS

5.1. Introduction

Analytical results from the parametric investigations on the bridge superstructures
outlined in Chapter 3 warranted further experimental investigation into the cyclic
behavior of end cross frames with various shear connector details. The analytical
investigations showed that the variations of end cross frame details contribute to the
lateral stiffness of steel bridge superstructures. However, these results were highly

sensitive to the shear connector mathematical models. Based on these models, it was
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shown that the shear connectors at support locations are subjected to axial and bi-

directional shear forces.

Also, as discussed in Chapter 3, to accommodate large lateral drifts at the ductile end
cross frames several structural components of the steel bridge superstructures near the
supports experience high displacement demand. Therefore, experimental investigations
were required to determine the lateral behavior of the steel bridge superstructures at

support locations and to calibrate the mathematical models.

5.2. Objectives and Scope

Subassembly specimens used in the experimental program represented slices of a 3-girder
bridge superstructure over intermediate bent locations. The objectives of the experiments
were to investigate the lateral cyclic performance of end cross frames with different shear
connector configurations without and with diagonal bracing members and to:

e Determine the ultimate lateral displacement capacity of the subassembly.

« Determine the overall lateral capacity and stiffness of the subassembly.

e Establish failure modes and limit states.

e Calibrate the analytical models and propose mathematical models.

In order to achieve the aforementioned objectives, five subassembly specimens were
designed, constructed, and tested in a lateral cyclic loading sequence with increasing

drifts. To capture the behavior of the shear connectors, two specimens, FOA and FOB,
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with no diagonal members were tested under large cyclic deformations. To understand
the behavior of ductile end cross frames, three specimens, F1A, F1B, and F1B_1, were

tested under large cyclic deformations.

The overall dimensions of the specimens were scaled down to 50% scale from the
prototype bridge cross section discussed in Chapter 3 (Caltrans 2007). Specimen FOA had
no diagonal bracing members and the R/C deck was connected to the top flanges of steel
girders with shear connectors. Specimen FOB also had no diagonal bracing members and
the R/C deck was connected to the top chord and the top flanges of the steel plate girders
with shear connectors. Specimens FOA and FOB were supported on ideal steel pins that
allowed in plane rotations and prevented uplift and lateral movement. Specimen F1A had
ductile end cross frames with X-Frame bracing members and was connected to the top
flanges of the plate girders. Specimen F1B and F1B_1 had ductile end cross frames with
X-Frame bracing members and the R/C decks were connected to the top chords.
Specimens F1A, F1B, and F1B_1 were supported on elastomeric bearing pads which
allowed in plane rotations and prevented uplift and lateral movement. The details of all

specimens are discussed in Section 5.4.

5.3. Test Setup

Figure 5-1 and Figure 5-2 show the plan view and the elevation of the test setup. The test
setup was designed to allow specimens to undergo lateral cyclic displacements through a

displacement-controlled actuator that was attached to the deck.
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Figure 5-3 shows the kinematic of the test setup for Specimens FOA and FOB. As shown
in this figure, the lateral displacement on the specimen produces double curvature in the
top and bottom chords as well as rotational displacement demand at the studded joints
over the girders top flanges. Specimens FOA and FOB were supported on ideal steel
bearings with steel pins. Other types of bearings were purposely avoided to preclude any
contribution from the bearings on the response of the end cross frames in these two
experiments. The steel pins, as shown in Figure 5-4, were 2 in. in diameter and made of
AISI 4340 steel with yield strength of 65 ksi. The pins were fabricated as tight fit with
1/64 in. tolerance. Figure 5-5 shows the fabricated steel bearings. These bearings allowed
large in plane rotations, prevented uplift and lateral movement, and provided moment
restraint in the out of plane direction. Therefore, the specimens were free standing and
stable; however, lateral support frames were constructed around the specimens to prevent

out-of-plane movement.

Specimens F1A, F1B, and F1B_1 were supported on three rigid steel pedestals with shear
keys to prevent translation and 3/4 in. elastomeric bearings and washers to allow for in
plane rotation. The bearings were 9 in. by 5 in. and were centered under each of the
girders. The pedestal details are shown in Figure 5-30 and the fabricated pedestals are

shown in Figure 5-31.

The steel bearings or pedestals, depending on specimen, were supported on load cells that

were in turn attached to three steel bases. The load cells measured axial and shear force at



198

each support location. The steel bases were designed to match the hole pattern in the lab

strong floor at the bottom and hole patterns of the load cells at the top.

A steel attachment was used to connect the actuator to the R/C deck, as shown in Figure
5-6. This steel connector was connected through twelve 7/8 in. diameter A490 slip-
critical bolts to the deck slab. Hydrostone was used to fill the gap around the steel

attachment and the R/C deck.

National Instruments SCXI 1001 System was used for data acquisition. The actuator that
was used in the experiment was manufactured by MTS Systems Corporation Model No.
244.41. It had a piston area of 38.48 in? and rod diameter of 5.25 in. the actuator had a
static stroke of 22 in. and a force rating of 110 kips. The actuator was connected to a
reaction block that was attached to the lab strong floor through four Dywidag Threadbars
that were pre-tensioned to the force of 200 kips each. The hydraulic actuator was

controlled with MTS FlexTest IIM controller.

The actuator in the experiment on Specimen FOA was pin supported at both ends. From
one end it was supported by the reaction block and from the other end it was supported
by the cantilevered deck. Therefore, part of the actuator’s self weigh was supported by
the deck. In Specimen FOB, F1A, F1B, and F1B_1 a support mechanism was used for the
actuator in order to take the actuator’s weight off of the specimen while at the same time

allowing vertical movement to occur at the interface of the R/C deck and the actuator.
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This was accomplished with an Enerpac RC108 hydraulic ram support that was

connected to an Enerpac 1 gallon nitrogen accumulator.

Figure 5-8 shows a photo of the test setup with Specimen FOA. This figure shows the test
specimen, load cells, lateral support frames, actuator, and the reaction block. Four lateral
support frames, as shown in Figure 5-7, that had 1/4 in. clearance from either side of the
concrete deck were installed at both ends of the specimen to provide lateral support in
case the specimen had experienced any out of plane displacements. These frames were

designed for a lateral force of 5% of the maximum force on the specimen.

5.4. Description of Test Specimens

The three-girder bridge subassembly is a 50% scaled model of a superstructure bridge
prototype outlined in the Caltrans Steel Girder Bridge Design Example (Caltrans 2007),
as discussed in Chapter 3. Figure 5-9 shows a transverse cross section of the scaled
bridge model. The width of the subassembly was equal to 3 ft. It represented a slice of a
three-girder steel girder bridge superstructure over an interior bent. The girders were
spaced at 6 ft on centers, and the deck overhangs were 2.5 ft. The R/C deck was 4.5 in.
thick with a haunch of 1.06 in. The plate girders were built up sections of 1 in. thick by 9
in. wide flanges and webs of 5/16 in. thick by 39 in. deep. The bearing stiffener plates
were 7/8 in. thick and 5 5/8 in. wide. The North, Middle, and South girders of Specimens
FOA, FOB, Fl1A, and F1B and their corresponding reactions in the subassembly

specimens are called Girder 1, Girder 2, and Girder 3, respectively in this report. The
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girders for Specimens FOA and FOB were supported on ideal steel bearings and were free
for in plane rotation. This eliminated factors related to bearing flexibility and limited the
lateral stiffness to the contribution of the shear connectors. The girders for Specimens
F1A, F1B, and F1B_1 were supported on rigid steel pedestals with 3/4 in. thick
elastomeric bearings and washers to allow for rotation and steel shear keys to prevent

translation.

The top chord of the prototype bridge was made of L2x2x3/8 and was designed to carry
the horizontal component of the diagonal brace force. The design of the diagonal braces
was based on design charts developed in Chapter 7 with an acceleration coefficient of
0.45. The tributary weight of the 3-span 3-girder prototype bridges supported on rigid
substructure was 313 kips at the bent support. Based on the design chartsError!
Reference source not found. with a displacement ductility equal to 8, the required ratio
of lateral yield force of the ductile end cross frame over the tributary weight of the bridge
at the support is 0.4. Therefore, the required cross sectional area of diagonal bracing
members at the end cross frames for the prototype was calculated to be 2.0 in®. This
corresponds to single L2x2x1/2 braces. Therefore, the required cross sectional area of the
bracing members for the model was 0.5 in?. This corresponds to single angle L 1 1/2 x 1
1/2 x 3/16 for diagonal bracing members. For a summary of these test specimens, see

Table 5-1 through Table 5-3.
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Braces Girder Properties
Top and Bottom Stiffener Plate | Gusset Plate
Speciman Chords X - Braces |Flange Web Thickness Thickness
FOA 2L2x2x3/8 - 9"x 1" (39" x 5/16" 7/8" 5/8"
FOB 2L2x2x3/8 - 9"x 1" (39" x 5/16" 7/8" 5/8"
F1A 2L1-1/4x1-1/4x 3/16|L1x 1x 1/8|9" x 1" |39" x 5/16" 7/8" 3/8"
F1B 2L1-1/4x1-1/4x 3/16|L1x 1x 1/8]{9" x 1" |39" x 5/16" 7/8" 3/8"
FIB_ 1 |2L1-1/4x1-1/4x3/16(L1x1x1/8[9"x1"|39" x 5/16" 7/8" 3/8"
Table 5-2. Test Specimens Table 2
Shear Connectors | Gider Shear Connectors Cross Frame Shear Connectors
Shear Connector Longitudinal
Speciman |Diameter |Length Layout Total No. Total No. Spacing (in)
FOA 3/8" [3-9/16" Figure 5-13 15 0 -
FOB 3/8" [3-9/16" Figure 5-20 6 14 6
F1A 3/8" [3-9/16" Figure 5-29 8 0 -
F1B 3/8" [3-9/16" Figure 5-33 0 12 5
F1B_1 3/8" [3-9/16" Figure 5-35 0 12 5
Table 5-3. Test Specimens Table 3
Concrete Deck
Longitudinal | Transverse
Speciman | Thickness (in) | Reinforcing | Reinforcing Base Fixity
FOA 4.5 #3 @ 8" o.c. |#3 @ 5.5" 0.c.| Supported on ideal bearings
FOB 4.5 #3 @ 8" o.c. |#3 @ 5.5" o.c.| with free in plane rotation
F1A 4.5 #3 @ 8" o.c. |#3 @ 5.5" o.c. Supported on rigid steel
F1B 4.5 #3 @ 8" o.c. |#3 @ 5.5" o.c.| pedistals to elimante any free
F1B 1 4.5 #3 @ 8" o.c. |#3 @ 5.5" o.c. rotation

5.4.1.Specimen FOA

Specimen FOA is shown in Figure 5-10 and Figure 5-11. The required number of shear

connectors was calculated based on AASHTO shear capacity equations. The shear

connectors were 3/8 in. diameter and 3 9/16 in. long. The shear capacity of a single 3/8

in. diameter shear connector based on AASHTO is 6.6 kips. The shear connectors were

designed to 1.25x actuator capacity (100 kips) and were equally distributed among the
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three girders. Therefore, there were nine shear connectors per girder. In order to maintain
symmetry, two additional rows of three shear connectors were placed at 12 in. from the
centerline of the specimen. A total of 15 shear connectors over each girder were used.
The shear connectors were arranged in three rows, with a spacing of 2 1/2 in. each.
Therefore, a total of five shear connectors per row starting with connectors directly above
the bearing stiffener at the center of the girder were used. The first spacing of the rows
was equal to 2 3/4 in. and the second spacing, again from above the bearing stiffener, was

12 in., as shown in Figure 5-13.

The R/C deck had a uniform thickness of 4 1/2 in. The longitudinal (parallel to bridge)
reinforcements were #3 bars at 8 in. on center. The transverse reinforcements were #3 at
5.5 in. spacing, as shown in Figure 5-14. The transverse reinforcements were developed
using 180 degree hooks at the end where the slab was connected to the actuator as shown
in Figure 5-16. Figure 5-15 shows the shear connectors and rebar arrangement as they
were placed over the middle girder of Specimen FOA. Figure 5-16 shows a general view
of the rebar mesh as well as a steel template that was used as part of the formwork to
ensure the hole pattern in the R/C deck would match that of the end steel piece that

connects the actuator to the specimen. Figure 5-17 shows Specimen FOA before testing.

The gusset plates were attached to the bearing stiffener through eight 3/4 in. diameter
A490 bolts in single shear and attached to the top and bottom chords by four 1/2 in. A490

bolts in double shear.
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5.4.2.Specimen FOB

Figure 5-18 shows the elevation of Specimen FOB. A three-dimensional drawing of the
specimen showing the shear connector pattern is also shown in Figure 5-19. Specimen
FOB had one more shear connector than Specimen FOA with a different pattern. In this
model, the deck to girder connection between subsequent girders was maintained through
fourteen 3/8 dia. shear connectors in two rows and spaced at 6 in. Additionally, two rows
of three shear connectors also connected the deck to the top flange of steel girders, as
shown in Figure 5-20. There were no shear connectors on top flanges immediately over

the bearing stiffeners.

The longitudinal cross section of concrete slab and rebars, at a section between two
girders, is shown in Figure 5-21. A transverse section of the concrete slab is also shown
in Figure 5-22. The deck dropped to the elevation of the top of the top chord members of
the cross frame between the girders. The thickness of the concrete deck was 7 9/16 in.,
with a width of 12 in., in this region. The longitudinal reinforcements were #3 bars at 8

in. on centers, while the transverse rebars were #3 at 5.5 in. spacing.

Figure 5-23 shows the pattern of shear connectors and formwork detail of Specimen FOB.
The rebar mesh is shown in Figure 5-24 and placement of concrete for Specimens FOA
and FOB is shown in Figure 5-25. Figure 5-26 shows Specimen FOA and FOB after

stripping the formwork. Figure 5-27 shows Specimen FOB before the test.
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5.4.3.Specimen F1A

Based on the test results of specimens FOA and FOB and discussions with Caltrans
engineers, it was recommended to reduce the sizes of the chord members and the
diagonal members in specimens F1A and F1B. Figure 5-28 shows the details of
Specimen F1A. Eight 3/8 in. diameter shear connectors were used on each girder. The
shear connectors were 3 9/16 in. long and spaced at 6 in. and 5 in. in longitudinal and
transverse directions, respectively, as shown in Figure 5-29. No shear connectors were
placed over the top chord of the cross frames. In this Specimen the L1x1x1/8 diagonal
braces were welded to 3/8 in. thick gusset plates and the gusset plates were connected to
the bearing stiffeners through six 3/4 in dia. A490 bolts. The 2L1 1/4x1 1/4x3/16 cross
frame top and bottom chords were also welded to the 3/8 in. gusset plates. The concrete

deck thickness and rebar arrangements were similar to FOA Specimen.

The specimen was supported on 3/4 in. elastomeric pads and connected to the pedestals
using four 1 1/4 in. diameter oversized holes with 3/4 in. thick elastomeric washers. The
bottom flange was laterally restrained against movements through steel brackets. The
support detail is shown in Figure 5-30 and close-up view of the support is shown in

Figure 5-31. Figure 5-32 shows Specimen F1A before the test.

5.4.4.Specimen F1B

Figure 5-33 shows the details of Specimen F1B. There were six rows of two 3/8 in.

diameter shear connectors on each cross frame top chord. The shear connectors were 5 in.
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long and spaced at 5 in. No shear connectors were present over the girder top flanges.
The concrete deck thickness increased between the girders to 8 1/16 in. In this specimen,
the L1x1x1/8 diagonal braces were welded to 3/8 in. thick gusset plates and the gusset
plates were connected to the bearing stiffeners through six 3/4 in dia. A490 bolts. The
2L1 1/4x1 1/4x3/16 cross frame top and bottom chords were also welded to the 3/8 in.
gusset plates. The concrete deck thickness and rebar arrangements were similar to

Specimen FOB.

The specimen was supported on 3/4 in. elastomeric pads and connected to the pedestals
using four 1 1/4 in. diameter oversized holes with 3/4 in. thick elastomeric washers. The
support detail is shown in Figure 5-30 and close-up view of the support is shown in

Figure 5-31. Figure 5-34 shows Specimen F1B before the test.

5.4.5.Specimen F1B_1

Due to a premature shear connector failure in specimen F1B, the top chord and shear
connectors were modified in specimen F1B_1. Figure 5-35 shows the details of Specimen
F1B_1. There were six rows of two 5/8 in. diameter shear connectors on each cross frame
top chord. The shear connectors were 5 in. long and spaced at 5 in. No shear connectors
were present over the girder top flanges. Similar to F1B, the concrete deck thickness
increased between the girders to 8 1/16 in. In this specimen, the L1x1x1/8 diagonal
braces were welded to 3/8 in. thick gusset plates and the gusset plates were connected to

the bearing stiffeners through six 3/4 in dia. A490 bolts. The 2L1 1/4x1 1/4x1/4 cross
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frame top chords and 2L.1 1/4x1 1/4x3/16 cross frame bottom chords were also welded to
the 3/8 in. gusset plates. The concrete deck thickness and rebar arrangements were

similar to Specimen FOB.

The specimen was supported on 3/4 in. elastomeric pads and connected to the pedestals
using four 1 1/4 in. diameter oversized holes with 3/4 in. thick elastomeric washers. The
bottom flange was laterally restrained against movements through steel brackets. The
support detail is shown in Figure 5-30 and close-up view of the support is shown in

Figure 5-31. Figure 5-36 shows Specimen F1B_1 before the test.

5.5. Material Properties of Test Specimens

ASTM A36 steel was specified for all angle braces and chords. All steel plates including
plate girder components and gusset plates were A572 Gr. 50 ksi steel. The specified
ultimate strength of the ASTM A108 3/8 in. and 5/8 in. diameter shear connectors was 60
ksi. The stress-strain traces for three coupons of 3/8 in. diameter shear connectors are
shown in Figure 5-37. The ultimate strength of the 3/8 in. shear connectors, based on the
coupon tests, was 80 ksi. The yield and ultimate strengths of the 5/8 in shear connectors,
based on the Material Testing Report, was 72.8 and 77.9 ksi, respectively. The stress-
strain traces for three coupons of the L 1x1x1/8 in. diagonals used in Specimen F1B_1
are shown in Figure 5-38. The yield and ultimate strengths based on the coupons were 60
ksi and 82 ksi, respectively. The specified 28-day concrete strength for the deck was 4

ksi. The concrete slump for Specimens FOA, FOB, F1A, and F1B was 4 in., while for
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Specimen F1B_1 the slump was 2 in. The maximum aggregate size was 3/8 in. The

concrete deck compressive strength gain through time for the specimens are shown in

Table 5-4.

Table 5-4. Concrete strength of specimens
Concrete Specimen Age Average Compressive Strength (psi)

Specimens FOA & FOB Specimen F1B_1

7 days 3203 5157
21 days 4279
28 days 4699 7174
34 days 7491
Test date for Specimen F1B_1
44 days 4952
Test date for Specimen FOA
54 days 5096

Test date for Specimen FOB

5.6. Instrumentation

All instruments were attached to the specimens after they were fabricated and delivered
to the lab. The analytical work on the finite element model of the specimens (discussed in
Chapter 6) identified the locations of high stresses, yielding, and possible failure.
Therefore, an instrumentation plan was developed to capture as much experimental data
as possible. A total of three load cells, 50 strain gauges (58 on specimens with diagonal
bracing), 19 UniMeasure PA-40 position transducers and 12 Novotechnik TR-75 linear

position transducers with restoring springs were used in each experiment.
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YFLA-2-5L strain gauges from the manufacturer Tokyo Sokki Kenkyjo Co. were used
throughout the experiments. The strain gauges have 2 mm gauge length with gauge factor
of 2.1 (¥2%) and gauge resistance of 121+0.5 ohms. Figure 5-39 shows the location of
strain gauges in the Specimens FOA and FOB. The strain gauges that were attached to the
ends of the top and bottom chords in Specimens FOA and FOB were placed at 19 in. from
the centerline of the girders. That is 1 in. from the edge of the gusset plate. Figure 5-40
and Figure 5-41 show the location of strain gauges in the Specimens F1A, F1B, and

F1B_1.

The multi-axial load cells were manufactured and calibrated for 200 kips shear at the
Department of Civil and Environmental Engineering at the University of Nevada, Reno.
Their design was based on Reinhorn, Bracci and Pekcan recommendations (Carden et al

2004).

The actuator displacement and force data were collected as well as axial and shear forces
in each load cells at each support. Overall, 95 channels for data acquisition were used.
The data from the instruments were recorded at a sampling rate of 4 Hz. (0.25 sec time

intervals).

Figure 5-42 shows the location of displacement transducers in the Specimens FOA and
FOB. These instruments were used to measure the rotation of the deck over the steel

girders and the rotation of the support hinges. The displacement transducers were placed
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on the east and west sides of the specimens to measure lateral movements and drift of the
specimens as shown in Figure 5-43 and Figure 5-44. Figure 5-45 through Figure 5-48

show the location of displacement transducers in the Specimens F1A, F1B, and F1B_1.

5.7. Testing Protocol

A displacement-controlled testing protocol was used for all experiments. The testing
protocol was adapted from the loading history for qualifying cyclic test of buckling
restrained braces as specified in Appendix T of the AISC Seismic Provisions (AISC
2005). The specimen would be subjected to two cycles at every specified drift level. The
drift level was calculated based on the differential lateral displacement between the top
and bottom flanges of the steel girders. Since the actuator force was applied at the deck
level, the displacements that were measured from one of the diagonal displacement
transducers were used to calculate the drift levels and fed into the actuator control

program. Figure 5-50 show the number of cycles per drift level for all Specimens.

5.8. Cyclic Response of Specimen FOA

The actuator force versus deck displacement is shown in Figure 5-51. Figure 5-52 shows
the lateral cyclic load-displacement response of the specimen in terms of total force
versus the differential transverse displacement of the top and bottom flanges of the plate
girders. The test showed that the ultimate lateral load carrying capacity of the specimen
was 30 kips and the lateral drift capacity was 6%. The elastic lateral stiffness of the

specimens was 74 Kips/in.
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The hysteresis loops obtained from the experiment show good energy dissipation
capability. This is the result of the formation of plastic moment hinges at the ends of the
top and bottom chords. Ideally, the cross frame bracing members are designed as pin-
connected members. However, the size of the gusset plate and the offset of ends of cross
frame members from the axis of rotation created a steel moment frame consisting of

bearing stiffeners, plate girders, and top and bottom chords of the end cross frame.

5.8.1.Experimental Observations

Up to 1.5% drift flexural transverse cracks were developed across the deck near the
girders. At 2% drift a major diagonal crack developed across the thickness of the concrete
connection over Girder 2 and the deck also started to lift off from the top of the flange in
this region. This suggested that permanent axial deformation as a result of stud yielding
on one side of the flange. However, the diagonal crack, shown in Figure 5-53, indicated
that the concrete had failed in tension before developing the ultimate tensile strength of
the shear connector. This was verified after the test during deck demolition, where it was
observed that none of the studs were ruptured. Figure 5-61 shows the shear connectors

during deck demolition.

Figure 5-54 shows, at 3% drift, a diagonal crack and uplift of the deck over the flange at

Girder 1 while only slight deck separation was observed over Girder 3. This indicated
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that, at this drift level, the concrete connections over Girders 1 and 2 had reached their

ultimate capacity, while the full connection capacity was not developed over Girder 3.

Figure 5-55 shows the Specimen FOA at the end of the test. The test ended when the
concrete connection to Girder 1 failed at 6% drift. Figure 5-56 shows the damage state of
the Specimen FOA at 5% drift. It shows that the connection of concrete over Girder 3 has
the least damage. This may be attributed to the effect of the weight of the actuator that
was supported at the tip of the cantilevered deck. Figure 5-57 compares the deformed and
undeformed shape of the specimen. These photos show significant plastic curvature at
the ends of the top and bottom chords in addition to the diagonal deck cracks in the deck
connection. Figure 5-58 and Figure 5-59 show the concrete breakout damage in the deck
connection at the top flanges of Girders 1 and 2, respectively. Figure 5-61 shows a close
up view, taken during the deck demolition after the test, showing the concrete failure
planes that occurred over the middle girder. The concrete breakout cones around stud

groups were visible during the deck demolition.

At the end of the experiment, the bottom chord, at its connection to the gusset plate at
Girder 3, showed stem fractures in both angles at the first bolt hole location as shown in
Figure 5-60. This may be attributed to the low cycle fatigue due to high plastic strains in

the stems at the plastic moment region of the chord at the location of bolt hole.
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5.8.2.Sequence of Yielding and Failure Modes

In order to better interpret the experimental data collected, the envelopes of some of the
strain, displacement, and force measurements at peak positive displacement of each cycle

were plotted.

Figure 5-62 shows base shear versus girder differential transverse displacement at peak
positive displacement cycles. Figure 5-63 shows the strain gauge measurements at the
end of the top chord near the gusset plate north of Girder 2. Figure 5-64 shows
measurements at the top chord south of Girder 2. Figure 5-65 shows the strain gauge
measurements at the end of the bottom chord near the gusset plate north of Girder 2 and
Figure 5-66 shows measurements at the bottom chord south of Girder 2. These plots
indicate that the ends of the chord members start to yield early on into the experiment at
about 0.5% drift. The strains in the chords start to plateau between 1% to 1.5% drifts as
the deck starts to resist the lateral force through bending. This led to the formation of
visible flexural cracks in the deck. The strains start to increase again at about 1.5% to 2%
drift as the studded moment connection over the middle girder fails and causes a
redistribution of bending moments in the deck to joints over the outsider girders.

Figure 5-67 shows the strain data at either side of top of bearing stiffeners. The plus and
minus signs of strains data indicates the bending moment transfer from the deck. The
bearing stiffeners remained elastic throughout the test. The increase in strain
measurements in SG-07 is due to connection of the actuator to the deck and hence
increased the bending moment and axial load in Girder 1 bearing stiffeners. Figure 5-68

shows similar bending behavior at mid height of the bearing stiffeners.
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Figure 5-69 shows the total force versus peak rotation of base of the girders during the
test. This plot shows that all three girders rotate equally. Figure 5-70 on the other hand
shows the total force versus peak rotation of the concrete deck joint over the girders. This
plot shows that the concrete joint over Girder 3 had remained elastic up to 2% drift and
experienced little nonlinearity before failure of the specimen. The figure also shows that
concrete joint over Girders 1 and 2 underwent large rotations (0.05 rad.) before failure of
the specimen. Despite the failure of the concrete joint over the Girder 2 and its inability
to transfer bending moments, the deck had remained attached to the top flange of the

Girder 2 through the continuous bottom rebar mesh.

The horizontal support forces versus peak girder differential displacement are shown in
Figure 5-71. This plot shows that supports under Girders 1 and 3 resist the majority of the
lateral force up to 0.75% drift. After this point, the nonlinearity in the specimen, due to
plastic hinge formation at the ends of the studs, changed the load path in the specimen
causing supports under Girders 1 and 2 to take most of the transverse force. Figure 5-72
shows that the vertical support reactions are not equal in the two outside girder supports.
This may be due to the extra weight of the actuator that was supported at the tip of the

deck.
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5.9. Cyclic Response of Specimen FOB

Figure 5-73 shows the actuator force versus deck displacement while Figure 5-74 shows
the lateral cyclic load-displacement response of the specimen in terms of total force
versus the differential transverse displacement of the top and bottom flanges of the plate
girders. The test showed that the ultimate lateral load carrying capacity of the specimen
was 65 kips. The lateral drift capacity was 7%. The initial lateral stiffness of the

specimens was 255 kips/in.

5.9.1.Experimental Observations

Figure 5-75 shows Specimen FOB at 6% drift. The figure shows large vertical gaps
(separations) and horizontal offsets between the underside of the deck and top flanges of
the steel girders. Several factors contributed to the vertical separation of the concrete
deck and steel girder; first, the rotation of plate girders caused the gusset plates to push
against the thickened concrete section over the top chord. Second, due to failure of deck
connection over the middle girder, the entire deck was bending in single curvature
between the first and third girder. The relatively large flexural stiffness of the thickened
concrete deck compared to the 2 L 2 x 2 x 3/8 top chords caused the end rotation of these
two members to differ considerably. Therefore, high axial forces were developed in the
shear connectors that were close to the ends of the top chords. As the shear connectors on

the extreme ends of the chords started to fail (Figure 5-81) the shear connectors next in
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line and closer to the middle of the chords were picking up the unbalanced force. The
rows of the shear connectors on the top chords progressively failed as the specimen

underwent increasingly larger displacements.

Also, the pushing of the gusset plates into the concrete deck caused spalling of the top
cover in the concrete deck. The length of the shear connectors on the top chords were
such that the stud heads were above the top rebar mesh of the deck. Therefore, the
compressive force in the last row of studs that were almost directly above the gusset

corner caused the spalling in the deck surface to occur, as shown in Figure 5-77.

Figure 5-76 shows the side by side comparison of undeformed and deformed shape of the
middle girder in Specimen FOB. The pictures show the uplift of the deck over the top
flange and plastic rotations of the chords and subsequent separation between the

thickened concrete deck section and top chord.

Up to 0.75% drift, some transverse cracks were developed across the deck. These cracks
were due to flexural deformation of the deck. At 1% drift, cracks in the North-South
direction in the deck surface were observed. These cracks were directly above the top
chords. At 1.5% drift, the extreme ends of the top chords showed some separation from
the concrete deck. That was indicative of yielding of shear connectors in this area. At 2%
drift, the concrete deck to girder connections started to fail in an asymmetrical mode. The
concrete deck on the west side of Girders 2 and 3 started to separate (lift up) from the top

flange, as shown in Figure 5-78. At 3% drift rupture of the last row of shear connectors



216

on the top chords were visible. The necking seen in Figure 5-81 is indicative of high axial

tension demands.

At 3% drift, the remaining concrete to girder connections started to fail in concrete
breakout mode. These joints were located at the west side of Girder 1 (Figure 5-79) and
East side of Girder 2 (Figure 5-80). Also, rupture of shear connectors at extreme ends of
the top chords was visible. High plastic rotation occurred at ends of cross frame chords.
At 4% drift, the east side of Girders 1 and 3 started to separate from the top flanges. This
asymmetrical failure may be attributed to premature failure of some of the connection of
the shear connectors to the top flanges. At the end of the test, all the shear connectors
over the top chords were ruptured and significant plastic deformation in the top chords
were visible. Additionally, the top chords were ruptured at the location of the last bolt
hole due to high plastic strain concentration and low cycle fatigue, as shown in Figure

5-82.

5.9.2.Sequence of Yielding and Failure Modes

In order to better interpret the experimental data collected, the envelopes of some of the
strain, displacement, and force measurements at peak positive displacement of each cycle
were plotted. Figure 5-83 shows the base shear force and differential displacement values
at the end of each displacement cycle for Specimen FOB. The specimen exhibited larger
elastic stiffness and yield strength compared with Specimen FOA. After yield, the lateral

stiffness and strength of the specimen dropped significantly. Although the specimen was
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able to resist high lateral shear and also maintain high lateral drift capacity, the deck
experienced some damage due to the existence of a number of shear connectors on the

top flanges.

Figure 5-84 shows the strain gauge measurements at the end of the top chord near the
gusset plate north of Girder 2. Figure 5-85 shows measurements at the top chord south of
Girder 2. Figure 5-86 shows the strain gauge measurements at the end of the bottom
chord near the gusset plate north of Girder 2. Figure 5-87 shows measurements at the
bottom chord south of Girder 2. The composite section created by the top chord, shear
connectors, and deck caused different strains in the top chords. These plots indicated that
the ends of the chord members start to yield early on into the experiment at about 0.5%
drift. As the transverse drift increased, the strains in the chords increased. The drop in
the strain measurements was due to rupture of the ends of the chords as well failure of

shear studs over the girders and top chords.

Figure 5-88 shows the strain data at each side of the top of the bearing stiffeners. The
plus and minus signs of the strain data indicates the bending moment transfer from the
deck. The bearing stiffeners remained elastic throughout the test. Figure 5-89 shows
bending behavior at mid height of the bearing stiffeners with the plus and minus signs of

strains data indicating bending moment transfer from the deck.

Figure 5-90 shows the total force versus peak rotation of the base of the girders during

the experiment. This plot shows that the rotations of all three girders were equal. Figure
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5-91 shows that the concrete joint over all girders underwent similar rotation. The total
base shear is equally distributed among all supports up to 1.5% drift. Figure 5-92 shows
that as drift increased, the nonlinearity in the response of the specimen changed the
horizontal force distribution in the supports. Figure 5-93 shows vertical support reactions.
The difference in the vertical reactions could be attributed to the vertical component of

the actuator force at various drift levels.

It was observed during this experiment that one of the advantages of attaching the top
chords to a thickened section of concrete was to engage the top flanges of all three

girders. This caused all the plate girders to act together in resisting the lateral force.

5.10. Cyclic Response of Specimen F1A

Figure 5-94 shows the lateral cyclic load-displacement response of the specimen in terms
of total force versus the differential transverse displacement of the top and bottom flanges
of the plate girders. The test showed that the lateral yield load capacity of the specimen
was 24 kips and the lateral drift capacity was 7.5%. The elastic lateral stiffness of the

specimens was 347 kips/in.

The hysteresis loops obtained from the test show good energy dissipation capability. This
is the result of nonlinear axial behavior (yielding and buckling) of the bracing members

as well as development of plastic moment hinges at the ends of top and bottom chords.
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5.10.1.Experimental Observations

The diagonal braces showed signs of buckling at about 0.5% drift. At 1% drift, flexural
cracks develop in the concrete deck. At 1.5% drift the concrete deck at the studded deck-
to-girder connection starts to lift up over the top flange of Girder 2 as shown in Figure
5-95. At 2% drift, vertical cracks start to form at the interface of the flange and deck over
the girders beginning from Girder 2. This is indicative of axial elongation (yield) of shear
connectors in these regions. Figure 5-96 shows the deformed shape of a buckled brace at
different drifts. A close-up view of the flexural cracks in the deck at 1.5% drift over
Girder 2 is shown in Figure 5-97. Also, at 2% drift, vertical cracks at the interface of

flange and deck over the girders propagate upward toward the deck surface.

At 3% drift, the uplift of the deck over the girder was clearly noticeable since a major
crack was developed along the width of specimen at the south side of Girder 2. At 3.5%
drift diagonal cracking occurred in the studded deck-to-girder connection. The diagonal
cracks, shown in Figure 5-98, indicated that the concrete breakout failure had occurred
after yielding of the shear connector steel but before developing the ultimate tensile
strength. Figure 5-99 shows diagonal crack formation at Girder 3. One of the diagonal
braces ruptured at 5% drift near the gusset plate, as shown in Figure 5-100.

The specimen failed at 7.5% drift. The overall damaged state of the specimen is shown in
Figure 5-101. Figure 5-102 shows the damaged concrete joint at Girder 2 while Figure
5-103 and Figure 5-104 shows the close up of the final damaged state of joints over

Girder 3 and 1, respectively.
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The rupture of another brace at the final damage state of the specimen is shown in Figure
5-105. The cross frames underwent significant plastic deformation before failure of the
deck to girder connection of specimen at 7.5% drift. The specimen at the final damaged
state at zero displacement is shown in Figure 5-106. The close-up view of one of the

cross frames is shown in Figure 5-107.

5.10.2.Sequence of Yielding and Failure Modes

In order to better interpret the experimental data collected, the envelopes of some strains,
displacements, and force measurements at peak positive displacement of each cycle were
plotted. Figure 5-108 shows the base shear force and the deck displacement values at the

end of each displacement cycle for Specimen F1A.

Figure 5-109 shows the strain gauge measurements at the end of the top chord near the
gusset plate north of Girder 2. Figure 5-110 shows measurements at the top chord south
of Girder 2. Figure 5-111 shows the strain gauge measurements at the end of the bottom
chord near the gusset plate north of Girder 2 and Figure 5-112 shows measurements at
the bottom chord south of Girder 2. These plots indicate that the ends of the chord
members start to yield early on at about 0.5% drift. The strains in the chords start to
plateau between 1% to 1.5% drift as the deck starts to resist the lateral force through
bending. This led to the formation of visible flexural cracks in the deck. The strains start
to increase again at about 1.5% to 2% drift as the moment connection over the middle

girder fails and causes a redistribution of bending moments in the deck to joints over the
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outsider girders. Figure 5-113 shows the strain data at each side of top of bearing

stiffeners. The bearing stiffeners remained elastic throughout the test.

Figure 5-114 shows bending behavior at mid height of the bearing stiffeners. Figure
5-115 shows the drift versus peak rotation of the base of the girders during the
experiment. This plot shows that all three girders rotate equally. Figure 5-116, on the
other hand, shows the drift versus peak rotation of the concrete deck joint over the
girders. Due to spalling of concrete joint and removal of some instruments, the

differential displacement reading is not accurate beyond 1.5% to 2 % drift.

The horizontal support forces versus peak girder differential displacement are shown in
Figure 5-117. Due to construction tolerance of using 1/16 in shim plates around supports,
the support points were engaged at different drifts. The vertical support reactions are

plotted in Figure 5-118.

5.11. Cyclic Response of Specimen F1B

Figure 5-119 shows the lateral cyclic load-displacement response of the specimen in
terms of total force versus the differential transverse displacement of the top and bottom
flanges of the plate girders. The experiment showed that the lateral yield force capacity of

the specimen was 27 Kkips. The elastic lateral stiffness of the specimens was 215 kips/in.
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The hysteresis loops obtained from the experiment show good energy dissipation
capability up to 2.5% drift. This is the result of nonlinear axial behavior (yielding and
buckling) of the bracing members as well as development of plastic moment hinges at the
ends of the top and bottom chords. The specimen failed prematurely due to brittle
fracture of the connection of studs to top chords. The failure of the studs was due to the

combination of weld defect and thickness of the top chord.

5.11.1.Experimental Observations

Figure 5-120 shows Specimen F1B before testing. The diagonal braces showed signs of
buckling at about 0.5% drift. Figure 5-121 and Figure 5-122 show the flexural
deformation of the top chords with respect to the deck at 2% drift. Figure 5-123 shows
the buckled braces at various drift levels. As shown in Figure 5-124, at 2.5% drift, the top
chords were completely separated from the deck causing an immediate loss of lateral load
carrying capacity. No damage to the concrete deck was observed up to the final drift of
2.5%. The failed specimen at zero displacement is shown in Figure 5-125. The concrete
deck was lifted up off the steel girders and the failure surface of the studs was examined.

Figure 5-126 shows the close-up views of the failure surface of the studs.

During the testing of this specimen, it was noticed that bending of the top chord was
excessive. The edges of the top chord outstanding legs were flexible enough that they
started to flex and hit the R/C deck. This indicated the beginning of prying action due to

the axial forces in the connectors. However, with the observed defect in the weld of the
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shear connector it was not definitive that the cause of failure was this excessive top chord

bending.

In 1968, Caoble was among the first researchers to study the shear strength of thin flange
composite specimens. Based on his work, the AISC Specifications specifies in Section |
3.2d.6 a stiffness requirement between the stud and flange that it is attached to. It states
“The diameter of the stud shall not be greater than 2.5 times the thickness of the flange to
which they are welded, unless located over web.” For this specimen the ds/t; ratio was
equal to 2.0. It is important to note here, that the recommended ratio by AISC is for
connectors that are mainly dominated by shear and not by combined axial and shear. Due
to the observed defect of the weld it is hard to quantify the main cause of failure in this

specimen.

5.11.2.Sequence of Yielding and Failure Modes

In order to better interpret the experimental data collected, the envelopes of some strains,
displacements, and force measurements at peak positive displacement of each cycle were
plotted. Figure 5-127 shows the base shear force and the deck displacement values at the

end of each displacement cycle for Specimen F1B.

Figure 5-128 shows the strain gauge measurements at the end of the top chord near the
gusset plate north of Girder 2. Figure 5-129 shows measurements at the top chord south

of Girder 2. Figure 5-130 shows the strain gauge measurements at the end of the bottom
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chord near the gusset plate north of Girder 2 and Figure 5-131 shows measurements at
the bottom chord south of Girder 2. These plots indicate that the ends of the chord

members start to yield early on into the experiment at about 0.5% drift.

Figure 5-132 shows the strain data at either side of top of bearing stiffeners. The bearing
stiffeners remained elastic throughout the test. Figure 5-133 shows bending behavior at
mid height of the bearing stiffeners. Figure 5-134 shows the drift versus peak rotation of
base of the girders during the experiment. This plot shows that all three girders rotate
equally. Figure 5-135 shows the drift versus peak rotation of the concrete deck joint over

the girders.

The horizontal support forces versus peak girder differential displacement are shown in
Figure 5-136. The smaller gaps and construction tolerance due to using 1/8 in. shim
plates around supports in this experiment caused equal distribution of lateral forces

between the support points. The vertical support reactions are plotted in Figure 5-137.

5.12. Cyclic Response of Specimen F1B_1

The main difference between specimens F1B_1 and F1B is the cross section of the top
chord and the diameter of the shear connectors. Figure 5-138 shows the lateral cyclic
load-displacement response of the specimen in terms of total force versus the differential

transverse displacement of the top and bottom flanges of the plate girders. The test
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showed that the lateral yield force capacity of the specimen was 45 kips. The elastic

lateral stiffness of the specimens was 131 kips/in.

The hysteresis loops obtained from the test show good energy dissipation capability up to
7.0% drift. This is the result of nonlinear axial behavior (yielding and buckling) of the
bracing members as well as development of plastic moment hinges at the ends of the top

chords.

5.12.1.Experimental Observations

Figure 5-139 shows Specimen F1B_1 before testing. The diagonal braces showed signs
of buckling at about 0.5% drift, shown in Figure 5-140. Figure 5-141 shows yielding of
the diagonal braces and the top chord between the gusset plate and the beginning of the
studded deck-to-chord connection at 2.0% drift. Figure 5-142 shows the diagonals
deforming at the gusset plate interface at 3.0% drift. Figure 5-144 shows separation
between the deck and the girders at 3.0% drift. Figure 5-143 shows the top chord at 3.0%

drift. There was no indication of elongation of the shear studs.

Buckling and yielding of the diagonal braces as well as yielding of the top cord and uplift
of the deck from the girders continues, in increasing magnitude, until the beginning of the
7.0% drift run. Figure 5-145 shows deformations at 4.0% drift. Figure 5-146 shows the
rotation of the Girder 2 at 5.0% drift. Figure 5-147 shows deformations at 6.0% drift.

During the first cycle (push) at 7.0% drift, one of the diagonal braces ruptured halfway



226

between the gusset plate and the intersection of the two braces between Girders 2 and 3,
shown in Figure 5-150. Also during the first cycle (pull) at 7.0% drift, two more
diagonal braces ruptured, one of the diagonal braces ruptured halfway between the gusset
plate and the intersection of the two braces between Girders 2 and 3, shown in Figure,
and the other ruptured at the gusset plate interface just south of Girder 2, Figure 5-152
(between Girder 1 and 2). Also, during the 7.0% drift run, all of the top cords fractured
on their vertical legs at the gusset plate interface, shown in Figure 5-153, and a closed
crack formed across the width of the deck on either side of the Girder 2, shown in Figure
5-154. There was permanent liftoff of the deck over all of the girders. Figure 5-149

shows Specimen F1B_1 in the final state at 0% drift.

5.12.2.Sequence of Yielding and Failure Modes

In order to better interpret the experimental data collected, the envelopes of some strains,
displacements, and force measurements at peak positive displacement of each cycle were
plotted. Figure 5-155 shows the base shear force and the deck displacement values at the

end of each displacement cycle for Specimen F1B_1.

Figure 5-156 shows the strain gauge measurements at the end of the top chord near the
gusset plate south of Girder 2. Figure 5-157 shows measurements at the top chord north
of Girder 2. Figure 5-158 shows the strain gauge measurements at the end of the bottom

chord near the gusset plate south of Girder 2 and Figure 5-159 shows measurements at
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the bottom chord north of Girder 2. These plots indicate yielding in the chords after the

1.5% drift run.

Figure 5-160 shows the strain data at either side of top of bearing stiffeners. The bearing
stiffeners remained elastic throughout the test. Figure 5-161 shows bending behavior at
mid-height of the bearing stiffeners. Figure 5-162 shows the drift versus peak rotation of
base of the girders during the experiment. This plot shows that Girder 1 experiences more
rotation than Girders 2 and 3; Girders 2 and 3 rotate similarly. Figure 5-163 shows the
total force versus peak rotation of the concrete deck joint over the girders. This plot
shows that, during the same cycle on the same side of the girder as the plot of the base
rotation, Girder 1 shows negative rotation, which is expected. Girders 2 and 3, on the
other hand show positive displacements. This can be attributed to the plastic behavior of
the top chords and the deck lifting off the girders.

The horizontal support forces versus peak girder differential displacement are shown in
Figure 5-164. The smaller gaps and construction tolerance due to using custom cut 1/4 in.
shim plates around supports in this test allowed for a more equal distribution of lateral
forces between the support points. The vertical support reactions are plotted in Figure

5-165.

It is interesting to note here that although the ratio of ds./t; = 2.5 for this specimen, the top
chord did not experience significant bending at the shear connector. This may be due to
the fact that the axial forces in these connectors are less that forces in Specimen F1B by a

factor almost 11 times [(5/8)/(3/16)]%. This may suggest that the angle thickness of the
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top chord plays an important role in behavior of shear connectors under combined axial

and bending. This observation needs further investigation.
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Figure 5-1. Dimensions and plan view of the test setup
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Figure 5-4. Details of steel hinges used in the experiments on Specimens FOA and FOB

Figure 5-5. Fabricated steel hinge supports



Figure 5-6. Connection of actuator to R/C deck through a steel weldment
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Figure 5-7. Dimensions and side view of experiment support frame
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Figure 5-8. View of test setup for Specimen FOA
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Figure 5-10. Dimensions and details of specimen FOA

Figure 5-11. 3-D view of Specimen FOA
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Figure 5-12. Welding girder components during construction of specimens
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Figure 5-13. Plan view of shear connector over one of the girders in Specimen FOA
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Figure 5-14. Cross sectional view of deck slab for Specimen FOA

Figure 5-15. Shear connectors and rebar arrangement for Specimen FOA
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Figure 5-16. Rebar mesh and template used at end of deck

Figure 5-17. View of specimen FOA before testing
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Figure 5-21. Cross section of deck slab along specimen centerline for Specimen FOB
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Figure 5-22. Transverse cross section of deck slab between girders for Specimen FOB

Figure 5-23. Formwork and shear connector for Specimen FOB
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Figure 5-24. Rebar arrangement for Specimen FOB

Figure 5-25. Pouring concrete for Specimens FOA and FOB
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Figure 5-26. View of Specimens FOA and FOB during removal of formwork after 7 days

Figure 5-27. View of Specimen FOB before testing
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Figure 5-30. Support detail for Specimens F1A, F1B, and F1B_1
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Figure 5-31. Close-up view of support detail for Specimens F1A, F1B, and F1B_1

Figure 5-32. View of Specimen F1A before testing
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Figure 5-34. View of Specimen F1B before testing
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Figure 5-35. Dimensions and details of Specimen F1B_1

Figure 5-36. View of Specimen F1B_1 before testing
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Figure 5-45. Instrumentation, displacement transducers for measuring rotation and deck and supports for Specimen F1A
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Figure 5-49. Test setup showing some of the instruments on the specimen
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Figure 5-51. Specimen FOA, Actuator force versus actuator displacement (deck displacement)
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Figure 5-52. Specimen FOA, Actuator force versus girder differential displacement
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Figure 5-53. Specimen FOA, diagonal crack at middle girder and separation (uplift) of deck over
flange

Figure 5-54. Specimen FOA, little damage observed to the studded joint at Girder 3 at 3% drift
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Figure 5-55. View of Specimen FOA after testing

Figure 5-56. Specimen FOA during test at 5% drift
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Figure 5-57. Specimen FOA: Middle girder, undeformed and deformed shape

Figure 5-58. Specimen FOA: concrete breakout failure at girder 1
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Figure 5-59. Specimen FOA: concrete breakout failure at Girder 2

Figure 5-60. Specimen FOA: rupture of bottom chords at the end of the test
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Figure 5-61. Failure of the studded connection over middle girder shown during deck demolition
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Figure 5-62. Specimen FOA: base shear at peak displacement cycles
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Figure 5-64. Specimen FOA: strain gauge measurement on top chord
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Strain Gauge Measurement, microstrain
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Figure 5-65. Specimen FOA: strain gauge measurement on bottom chord
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Specimen FOA: strain gauge measurement on bottom chord
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Figure 5-67. Specimen FOA: strain gauge measurement at top of bearing stiffeners
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Figure 5-68. Specimen FOA: strain gauge measurement at mid-height of bearing stiffeners
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Figure 5-69. Specimen FOA: base shear versus rotation of supports
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Figure 5-70. Specimen FOA: base shear versus rotation of deck-girder joint

0

271



Support Horizontal Reactions, kips

Support Vertical Reactions, kips

Drift
0.00% 1.25% 2.50% 3.75% 5.00% 6.25% 7.50%
25 ‘
20 -o-Girder 1 H
-0~ Girder 2
15 —— Girder 3 |
10 B ——
: ]
O
) | |
'10 L 1
0 0.5 1 15 2 25 3
Girder Transverse Differential Displacment, in.
Figure 5-71. Specimen FOA: horizontal reaction at supports
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Figure 5-72. Specimen FOA: vertical reaction at supports
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Figure 5-73. Specimen FOB: Actuator force versus actuator displacement (deck displacement)
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Figure 5-74. Specimen FOB: Actuator force versus girder differential displacement
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Figure 5-75. Specimen FOB: view from the west during test at 6% drift

Figure 5-76. Specimen FOB: Middle girder, undeformed and deformed shape
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Figure 5-77. Specimen FOB: damage to concrete deck surface at the end of the test

Figure 5-78. Specimen FOB: view from the south showing failure of studs on the west side of the
specimen
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Figure 5-79. Specimen FOB: view from the west of studded connection over Girder 1 — concrete
breakout

Figure 5-80. Specimen FOB: view from the east showing concrete breakout failure over Girder 2
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Figure 5-81. Specimen FOB: rupture of stud in tension over the top chord of cross frame

Figure 5-82. Specimen FOB: damage state of top chord and its studs at the end of the test



Total Base Shear, kips

Strain Gauge Measurement, microstrain

Drift
0.00% 1.25% 2.50% 3.75% 5.00% 6.25% 7.50%
70

a
o

N
o

w
o

N
o

Girder Transverse Differential Displacment, in.

Figure 5-83. Specimen FOB: base shear at peak displacement cycles
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Figure 5-84. Specimen FOB: strain gauge measurement on top chord

278



Strain Gauge Measurement, microstrain

Strain Gauge Measurement, microstrain
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Figure 5-85. Specimen FOB: strain gauge measurement on top chord
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Figure 5-86. Specimen FOB: strain gauge measurement on bottom chord
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Strain Gauge Measurement, microstrain

Strain Gauge Measurement, microstrain
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Figure 5-87. Specimen FOB: strain gauge measurement on bottom chord
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Figure 5-88. Specimen FOB: strain gauge measurement at top of bearing stiffeners
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Figure 5-89. Specimen FOB: strain gauge measurement at mid-height of bearing stiffeners

70

Girder Transverse Differential Displacment, in.

60 —

w S a
o o o

Total Base Shear, kips

N
o

10

—— Girder 3
o~ Girder2 |

—o-Girder 1

0.01 0.02 0.03

0.04

0.05 0.0
Rotation of Support Pin, rad.

Figure 5-90. Specimen FOB: base shear versus rotation of supports
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Figure 5-91. Specimen FOB: base shear versus rotation of deck-girder joint
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Figure 5-92. Specimen FOB: Horizontal support reactions
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Figure 5-93. Specimen FOB: Vertical support reactions
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Figure 5-94. Specimen F1A: Actuator force versus differential girder displacement
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Figure 5-95. F1A at 1.5% drift showing flexural cracking in concrete deck

(a) (b) (©
Figure 5-96. F1A Specimen, buckled brace at (a) 2% drift, (b) 3% drift, and (c) 4% drift
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Figure 5-97. F1A Specimen, the studded connection over Girder 2 shows some uplift at 1.5% drift

Figure 5-98. F1A Specimen, studded deck to girder connection over Girder 2 at 3.5% drift
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Figure 5-99. F1A Specimen, studded deck to girder connection over Girder 3 at 3.5% drift

Figure 5-100. F1A Specimen, rupture of one diagonal brace at 5% drift
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Figure 5-101. View of Specimen F1A at 7.5% drift

Figure 5-102. F1A Specimen, studded deck to girder connection over Girder 2 at 7.5% drift
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Figure 5-103. Studded deck to girder connection over Girder 3, Specimen F1A at 7.5% drift

Figure 5-104. Studded deck to girder connection over Girder 1, Specimen F1A at 7.5% drift
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Figure 5-105. View of Specimen F1A at 7.5% drift

Figure 5-106. Specimen F1A: final damage state at zero displacement
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Figure 5-107. Specimen F1A: close-up of cross frame at final damage state at zero displacement
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Figure 5-108. Specimen F1A: base shear at peak displacement cycles
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Figure 5-109. Specimen F1A: strain gauge measurement on top chord
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Figure 5-110. Specimen F1A: strain gauge measurement on top chord

Girder Transverse Differential Displacment, in.
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Strain Gauge Measurement, microstrain

Strain Gauge Measurement, microstrain
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Figure 5-111. Specimen F1A: strain gauge measurement on bottom chord
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Figure 5-112. Specimen F1A: strain gauge measurement on bottom chord
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Figure 5-113. Specimen F1A: strain gauge measurement at top of bearing stiffeners
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Figure 5-114. Specimen F1A: strain gauge measurement at mid-height of bearing stiffeners
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Figure 5-115. Specimen F1A: rotation of girder support bearings
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Figure 5-116. Specimen F1A: rotation of deck over girders
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Figure 5-117. Specimen F1A: horizontal support reactions
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Figure 5-118. Specimen F1A: vertical support reactions

295



Total Base Shear, kips

-5.0% -2.5% 0.0% 2.5% 5.0%

1 2

Girder Transverse Differential Displacment, in.

Figure 5-119. Specimen F1B: Actuator force versus differential girder displacement

Figure 5-120. View of Specimen F1B before testing
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Figure 5-121. Specimen F1B: relative deformation between top chord and deck at 2% drift

Figure 5-122. Specimen F1B: relative deformation between top chord and deck at 2% drift
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@ (b) (©

Figure 5-123. Specimen F1B: buckled brace at a) 1.5% drift, b) 2% drift, and c) 2.5% drift

Figure 5-124. Specimen F1B: separation of top chord and deck at 2.5% drift
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Figure 5-125. F1B Specimen: final damage state at zero displacement
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Figure 5-126. F1B Specimen: close-up of underside of deck showing premature failure of stud
connections
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Figure 5-127. Specimen F1B: base shear at peak displacement cycles
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Figure 5-128. Specimen F1B: strain gauge measurement on top chord
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Strain Gauge Measurement, microstrain
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Figure 5-129. Specimen F1B: strain gauge measurement on top chord

0.00%
2000

Drift
1.25% 2.50% 3.75%

000 — — — — — — — — o — — —— —— —

-0-SG-39 ||

-1000

-2000

-3000

-4000

-5000

-0- SG-40
- SG-41
—*-S5G-42

Figure 5-130.

0.5 1 15
Girder Transverse Differential Displacment, in.

Specimen F1B: strain gauge measurement on bottom chord
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Strain Gauge Measurement, microstrain

Strain Gauge Measurement, microstrain
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Figure 5-131. Specimen F1B: strain gauge measurement on bottom chord
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Figure 5-132. Specimen F1B: strain gauge measurement at top of bearing stiffeners
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Figure 5-133. Specimen F1B: strain gauge measurement at mid-height of bearing stiffeners
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Figure 5-134. Specimen F1B: Rotation of girder support bearings
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Figure 5-135. Specimen F1B: rotation of deck over girders

Drift
1.25% 2.50% 3.75%

-o- Girder 1
-o-Girder2 |~
—— Girder 3

15
Girder Transverse Differential Displacment, in.

Figure 5-136. Specimen F1B: horizontal support reactions



Total Base Shear (kips)

Drift

0.00% 1.25% 2.50% 3.75%
6 | |

VA
: oo o

-2 e - B ————
-0-Girder 1

-0~ Girder 2

“ 777ﬁ7777T7—a—Girder37

Support Vertical Reaction, kips

; | |
_10 | |
0 0.5 1 15
Girder Transverse Differential Displacment, in.
Figure 5-137. Specimen F1B: vertical support reactions
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Figure 5-138. Specimen F1B_1: Actuator force versus differential girder displacement
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Figure 5-139. View of Specimen F1B_1 before testing

Figure 5-140. Specimen F1B_1: X-Frame buckling at 1% drift



308

Figure 5-141. Specimen F1B_1: X-Frame yielding at 2% drift, top chord shows signs of yielding

Figure 5-142. Specimen F1B_1: X-Frame deforming near gusset plate at 3% drift
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Figure 5-143. Specimen F1B_1: top chord at 3% drift

Figure 5-144. Specimen F1B_1: deck and girder separation at 3% drift
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Figure 5-145. Specimen F1B_1: deformations at 4% drift

Figure 5-146. Specimen F1B_1: Middle girder rotation at 5% drift
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Figure 5-147. Specimen F1B_1: deformations at 6% drift

Figure 5-148. Specimen F1B_1: top chord at 7% drift
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Figure 5-149. Specimen F1B_1: final state - 0% drift

Figure 5-150. Specimen F1B_1: diagonal failure during 7% drift cycle
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Figure 5-151. Specimen F1B_1: diagonal failure during 7% drift cycle

Figure 5-152. Specimen F1B_1: diagonal failure during 7% drift cycle
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Figure 5-153. Specimen F1B_1: top chord failure during 7%o drift cycle (typical)

Figure 5-154. Specimen F1B_1: deck cracks and permanent deck-girder separation — final state
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Figure 5-155. Specimen F1B_1: base shear at peak displacement cycles
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Figure 5-156. Specimen F1B_1: strain gauge measurement on top chord
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Figure 5-157. Specimen F1B_1: strain gauge measurement on top chord
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Figure 5-158. Specimen F1B_1: strain gauge measurements on bottom chord
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Figure 5-159. Specimen F1B_1: strain gauge measurement on bottom chord
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Figure 5-160. Specimen F1B_1: strain gauge measurement at top of bearing stiffeners
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Figure 5-161. Specimen F1B_1: strain gauge measurement at mid-height of bearing stiffeners
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Figure 5-162. Specimen F1B_1: Rotation of girder support bearings
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Figure 5-163. Specimen F1B_1: rotation of deck over girders
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Figure 5-164. Specimen F1B_1: horizontal support reactions
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CHAPTER 6 CALIBRATED ANALYTICAL INVESTIGATIONS
ON SUBASSEMBLY AND SYSTEM EXPERIMENTS

6.1. Introduction

The objectives of the analytical investigations on models of the subassembly experiments
that were discussed in Chapter 5 and on system experiments that were conducted by
Carden et al (2006) were to:
e Propose mathematical models for shear connectors under shear and tensile forces.
e Calibrate analytical models based on:
- Ultimate lateral strength
- Drift capacity

- Elastic and inelastic stiffness
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» Use these calibrated models to better understand system response of plate girder

bridges.

Limit state analysis was used to determine the lateral strength of these specimens.
However, due to structurally indeterminate nature of the specimens and geometric
nonlinearities, pushover analyses are required to determine the drift capacity and stiffness

properties of the specimens.

In this chapter, limit state analysis methodology and detailed finite element analytical
models of the subassembly specimens and the system experiments conducted by Carden
et al were developed to determine the lateral response of the specimens and the seismic

behavior of the single span bridge.

6.2. Proposed Analytical Model for Shear Connectors under Shear and
Tensile Forces

Failure due to the combined effects of shear and tensile forces could not be directly
modeled using the SAP2000 nonlinear properties. Therefore, a truss analogy was used to
model the nonlinear behavior of connectors under combined shear and tensile forces as
shown in Figure 6-1. Vertical and diagonal members were used in the truss representing
the connectors, with the vertical members designed to take a majority of the tensile load
and the diagonal members taking a smaller portion of the tensile load and all of the shear.

The members of the truss were pinned at both ends, so only axial force registered. The



323

axial force in the vertical and diagonal member were converted to tension and shear by
adding the vertical component of the force in the diagonal members to the force in the
vertical members for tension and taking the horizontal force of the diagonal members for
shear. The locations of the component forces were applied to the chords and/or girders in
the analytical models, corresponding to the specimen being modeled. The deck shell
element formed the top chord of the truss while the flange or chord formed the bottom of

the truss. Nonlinear axial properties were assigned to the truss members.

The transverse spacing of the frame elements representing shear connectors were
modeled at 3.62 in. apart and the length of these elements were 3.13 in. The ultimate
strength of the diagonal members was chosen to be 1.32V_, which corresponds to
1.0V, in horizontal transferred shear force (F). This modeling technique was deemed

reasonable because it has already been established in Chapter 4 that axial tension failure
precedes shear failure in the stud group, and that once a stud fails in tension it can carry

negligible shear force.

6.3. Axial and Shear Strength of Connectors

6.3.1.Introduction

As discussed in Chapter 3, the shear connectors will experience axial and shear forces at

support locations. Based on the cross sectional area, length, and spacing of the shear
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connectors the failure mode in the studs could vary between concrete breakout strength

and/ or steel failure.

6.3.2.Specimen FOA

Figure 6-2 shows the spacing of the shear connectors on the top flange of a steel girder in
Specimen FOA. The 15 shear connectors are placed in three rows. The spacing between

the rows is 2.5 in.

Axial Tension Strength:

The tensile capacity of the 45 shear connectors, using ACI 318-05 Appendix D (ACI
2005) equations, is 140 kips based on the minimum of steel ultimate strength and
concrete breakout failure as calculated below:
Steel ultimate strength:

N, =nA,F, = 4500.1180ksi = 396kips (6-1)
Concrete breakout strength for studs on one girder N, can be calculated based on 2 1/2

in. transverse spacing as shown in Figure 6-2 and effective embedment length of stud

h, of 3.28 in. is as follows:

_ A _ 502.2in? . .
N, = N, = 9.0kips = 46.7kips 6-2
ch ANCO b 968In2 p p ( )

Where the projected concrete failure area for group of studs A is calculated from:

Ay = (5in.+3h,, )(24in. + 3h, ) = 502.2in’ (6-3)
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and projected concrete failure area for a single stud A, is calculated as:

Auco = 9N =96.8in’ (6-4)
and basic concrete breakout strength of one stud is:

N, = 24,/ f_h.® = 9.0kips (6-5)

Therefore, the breakout strength for three girders is 140 Kips.

Shear Strength:

Based on ACI 318-05 Appendix D (ACI 2005) and due to stud spacing and their edge
distances the steel failure is the dominant failure mode:

V., = nA,F, = 45[0.11B0ksi = 396kips (6-6)

Bending Moment Strength:

The shear connector axial capacity was calculated based on the assumption that the
location of the resultant of the compressive force can be approximated by the location of
the last row (row 3 shown in Figure 6-3) of the shear connectors. Figure 6-3 shows the
concrete breakout failure surface on the other two rows (rows 1 and 2) of shear
connectors in tension on the top flange based on ACI 318-05 Appendix D (ACI 2005).

The concrete breakout strength in tension N, can be calculated based on 2 1/2 in.
transverse spacing as shown in Figure 6-2 and effective embedment length of stud h,, of

3.28 in. as 38.9 kips as follows:
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N, = % N, = %8?:]229.0kips = 38.9kips (6-7)
where the projected concrete failure area for group of studs A, is calculated from:

Ay = (2.5in.+3h, )(24in. + 3h, ) = 417.6in’ (6-8)
therefore, the bending moment capacity of the deck to girder connection on one girder is
estimated as:

M, = 38.9(2.5 + 2.5/2) = 145.9Kips — in. (6-9)
38.9 kips is the concrete breakout strength of a group of 10 shear connectors in two rows

over one girder which means the concrete breakout strength of one stud is 3.9 Kips.

The tensile strength of one 3/8 in. dia. shear connector is 8.8 kips based on ultimate
strength of 80 ksi of studs from coupon tests and using ACI 318-05 Appendix D
equation:

N, = A.F, =0.1180ksi = 8.8kips (6-10)
Therefore, the governing limit state for the tensile strength of shear connectors is concrete

breakout at 3.9 kips.

6.3.3.Specimen FOB

Figure 6-4 shows the spacing of the shear connectors on the top flange of steel girders as
well the top chords in Specimen FOB. The six shear connectors on top of each girder are

placed in three rows. The spacing between the rows is 2.5 in. There are also 28 shear
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connectors in two rows on the top chords. These shear connector are spaced at 6 in. and

the two rows are 2.5 in. apart.

Axial Tension Strength:

The axial tension capacity is calculated in two parts. The first part is the capacity of the
shear connectors on top flange of steel girders and the second part is the tensile capacity

of shear connectors on top chords.

Shear connectors on top flanges of steel girders:

Steel ultimate strength:

N,, =nA,F, =18[0.1180ksi =158.4kips (6-11)
Concrete breakout strength for studs on one girder based on 2 1/2 in. transverse spacing
as shown in Figure 6-4 and effective embedment length of stud h,of 3.28 in. is as
follows

o
N, = 2% N, = Z%wkips = 27.1kips (6-12)
CO ol

where projected concrete failure area for group of studs A, is calculated from:
A = (5in.+3h,)(3h, ) =146in’ (6-13)

The breakout strength for studs on top flanges of all three girders is 81.3 kips.

The tensile capacity of the all shear connectors on the top flanges of the girders is 81.3

kips based on the minimum of steel ultimate strength and concrete breakout failure.
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Shear connectors on top chords:

Steel ultimate strength:
N, =nA_F, = 28[0.1180ksi = 246.4kips (6-14)
Concrete breakout strength for studs on top chords based on 2 1/2 in. transverse spacing

as shown in Figure 6-4 and effective embedment length of stud h, of 5.75 in. is as

follows:

N =2 = o105L7in’
® "Awo | 297.6in’

20.9Kips =147.7Kips (6-15)
where projected concrete failure area for group of studs A is calculated from:
Ay = (2.5in.+3h,)(36in.+ 3h, ) =1051.7in’ (6-16)
and projected concrete failure area for a single stud A, is calculated as:
Ayco = 902 = 297.6in? (6-17)
and basic concrete breakout strength of one stud is:
N, = 24,/ £ = 20.9kips (6-18)
The tensile capacity of the all shear connectors on the top chords, using ACI 318-05
Appendix D (ACI 2005) equations, is 147.7 kips based on the minimum of steel ultimate

strength and concrete breakout failure.

Therefore the total tensile capacity of shear connectors in Specimen FOB is 229 Kips.
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Shear Strength:

Based on ACI 318-05 Appendix D (ACI 2005) and due to stud spacing and their edge
distances the steel failure is the dominant failure mode:

N, = nA_F, = 46 [D.11[80Ksi = 405kips (6-19)

Bending Moment Strength:

In this section the bending moment capacity of the shear connectors on the top flange of
steel girders is calculated based on the assumption that the location of the resultant of the
compressive force can be approximated by the location of the last row (row 3 shown in

Figure 6-5) of the shear connectors.

Figure 6-5 shows the concrete breakout failure surface on the other two rows of shear
connectors in tension on the top flange. The concrete breakout strength in tension for two
shear connectors can be calculated based on 2 1/2 in. transverse spacing as shown in

Figure 6-4 and effective embedment length of stud h,; of 3.28 in. as 11.3 kips as follows:

=2
A, = 21214 g g = 22 6kips (6-20)

N, =2 —
Ao 96.8in

where projected concrete failure area for group of studs A, is calculated from:
A = (2.5in.+3h,)(3h,) =121.4in? (6-21)

therefore, the bending moment capacity of the studded connection on one girder is
estimated as:

M, = 22.6(2.5 + 2.5/2) = 84.8kips - in. (6-22)
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Tensile Strength of a Set Shear Connectors on Top Chord:

The shear connectors on the top chord experience axial forces at the extreme ends of the
chords. Therefore, the axial capacity of a set of shear connectors that is calculated in this

section will be used in the analytical models of the specimen.

Figure 6-6 shows the concrete breakout failure surface on a set of two shear connectors in
tension on the top chord. The concrete breakout strength in tension for two shear
connectors can be calculated based on 2 1/2 in. transverse spacing and effective

embedment length of stud h, of 5.75 in. as 24.0 kips per ACI 318-05 Appendix D (ACI

2005) as follows:

_ A
N, =N, 6-23
= AL (6-23)

where the projected concrete failure area for group of studs A, is calculated from:
A = (2.5in.+3h,)(3h,) = 340.7in (6-24)
and projected concrete failure area for a single stud A, is calculated as:
A, = 9h2 = 297.6in’ (6-25)
and basic concrete breakout strength is:

N, = 24/, h%* = 20 9kips (6-26)
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6.3.4.Specimen F1A

Figure 6-7 shows the spacing of the shear connectors on the top flange of a steel girder in
Specimen F1A. The 8 shear connectors are placed in two rows. The spacing between the

rows is 6 in. and each shear connector in the row is also spaced at 6 in.

Axial Tension Strength:

The tensile capacity of the 24 shear connectors, using ACI 318-05 Appendix D (ACI
2005) equations, is 128.4 kips based on the minimum of steel ultimate strength and
concrete breakout failure as calculated below:
Steel ultimate strength:

N, =nA_F, =24[0.1180ksi = 211.2kips (6-27)
Concrete breakout strength for studs on one girder N, can be calculated based on 6 in.
transverse spacing as shown in Figure 6-7 and effective embedment length of stud h,, of
3.56 in. is as follows:

A - 4784in?

N, = N
? Ag, | 114.1in?

10.2kips = 42.8kips (6-28)

where the projected concrete failure area for group of studs A is calculated from:
A = (6in.+3h,)(18in.+3h, ) = 478.4in (6-29)
and projected concrete failure area for a single stud A, is calculated as:

Ayeo = 9h2 =114.1in? (6-30)
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and basic concrete breakout strength of one stud is:
N, =24,/ f_h:°> =10.2kips (6-31)

c'ef

Therefore, the breakout strength for three girders is 128.4 kips.

Shear Strength:

Based on ACI 318-05 Appendix D (ACI 2005) and due to stud spacing and their edge
distances the steel failure is the dominant failure mode:

V., =nA_F, =2410.11[80ksi = 211.2kips (6-32)

Bending Moment Strength:

The shear connector axial capacity was calculated based on the assumption that the
location of the resultant of the compressive force can be approximated by the location of
the last row of the shear connectors. The concrete breakout strength in tension N, can be
calculated based on 6 in. transverse spacing as shown in Figure 6-7 and effective

embedment length of stud h, of 3.56 in. as 42.8 kips as follows:

A . - 3063in°

N, =
* Ag, © 114.1in?

10.2kips = 27.4kips (6-33)

where projected concrete failure area for group of studs A is calculated from:

A = (3h,)(18in.+3h, ) = 306.3in (6-34)
NC ef ef
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therefore, the bending moment capacity of the studded connection on one girder is
estimated as:

M, = 27.4(6 + 6/2) = 246.6kips —in. (6-35)
27.4 Kkips is the concrete breakout strength of a group of 4 shear connectors in one row

over one girder, which means the concrete breakout strength of one stud is 6.9 kips.

The tensile strength of one 3/8 in. dia. shear connector is 8.8 kips based on ultimate
strength of 80 ksi of studs from coupon tests and using ACI 318-05 Appendix D
equation:

N, = A, F, =0.1180ksi = 8.8kips (6-36)
Therefore, the governing limit state for the tensile strength of shear connectors is concrete

breakout at 6.9 Kips.

6.3.5.Specimen F1B

Figure 6-8 shows the spacing of the shear connectors on the top chords of Specimen F1B.
There are 12 shear connectors in two rows on the top chords (24 total). The shear

connectors are spaced at 5 in. and the two rows are 1.625 in. apart.

Axial Tension Strength:

The tensile capacity of the 24 shear connectors, using ACI 318-05 Appendix D (ACI
2005) equations, is 100.5 kips based on the minimum of steel ultimate strength and

concrete breakout failure as calculated below:
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Steel ultimate strength:
N, =nA_.F, =24 [0.1180ksi = 211.2Kips (6-37)
Concrete breakout strength for studs on the top chords is based on 1 5/8 in. transverse

spacing, as shown in Figure 6-8, and effective embedment length of stud h, of 5.0 in. is

as follows:

P2
e N, =299 17 okips =100.5kips (6-38)
Ao 225in

N, =2

where projected concrete failure area for group of studs A, is calculated from:
A = (L.625in.+3h, )(25in.+ 3h, ) = 665in° (6-39)
and projected concrete failure area for a single stud A, is calculated as:
Ay, = 9h% =225in? (6-40)
and basic concrete breakout strength of one stud is:

N, = 24,/ fh}® =17.0kips (6-41)

Shear Strength:

Based on ACI 318-05 Appendix D (ACI 2005) and due to stud spacing and their edge
distances the steel failure is the dominant failure mode:

N,, =nA,F, = 24 0.1180ksi = 211.2Kips (6-42)

Tensile Strength of a Set Shear Connectors on Top Chord:
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The shear connectors on the top chord experience axial forces at the extreme ends of the
chords. Therefore, the axial capacity of a set of shear connectors that is calculated in this

section will be used in the analytical models of the specimen.

The concrete breakout strength in tension for two shear connectors can be calculated

based on 1 5/8 in. transverse spacing and effective embedment length of stud h, of 5.0 in.

as 18.8 kips per ACI 318-05 Appendix D (ACI 2005) as follows:

ANC
ANCO

N = Ny (6-43)

where the projected concrete failure area for group of studs A, is calculated from:
A = (1.625in.+3h, )(3h, ) = 249.4in? (6-44)
and projected concrete failure area for a single stud A, is calculated as:
A, = 9h% =225in? (6-45)
and basic concrete breakout strength is:

N, = 24,/ h%® =17.0kips (6-46)

6.3.6.Specimen F1B_1

Figure 6-9 shows the spacing of the shear connectors on the top chords of Specimen
F1B_1. There are 12 shear connectors in two rows on the top chords (24 total). The shear

connectors are spaced at 5 in. and the two rows are 1.625 in. apart.
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Axial Tension Strength:

The tensile capacity of the 24 shear connectors, using ACI 318-05 Appendix D (ACI
2005) equations, is 137.1 kips based on the minimum of steel ultimate strength and

concrete breakout failure as calculated below:

Steel ultimate strength:
N, =nA_F, =24 [0.31[T7.9ksi = 579.6Kips (6-47)
Concrete breakout strength for studs on the top chords is based on 1 5/8 in. transverse

spacing, as shown in Figure 6-9, and effective embedment length of stud h, of 5.0 in. is
as follows:

=12
Ae N, =289 53 o1ips =137.1kips (6-48)

N, =2
7 Ao 225in’

where the projected concrete failure area for group of studs A, is calculated from:
A = (1.625in.+3h_ )(25in. + 3h, ) = 665in° (6-49)
and projected concrete failure area for a single stud A, is calculated as:
Ao =9h,, % = 225in? (6-50)
and basic concrete breakout strength of one stud is:

N, =24,/ f_hL® = 23.2Kips (6-51)

c'ef
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Shear Strength:

Based on ACI 318-05 Appendix D (ACI 2005) and due to stud spacing and their edge
distances the steel failure is the dominant failure mode:

N,, =nA_F, = 24[D.31(77.9ksi = 579.6kips (6-52)

Tensile Strength of a Set Shear Connectors on Top Chord:

The shear connectors on the top chord experience axial forces at the extreme ends of the
chords. Therefore, the axial capacity of a set of shear connectors that is calculated in this
section will be used in the analytical models of the specimen.

The concrete breakout strength in tension for two shear connectors can be calculated

based on 1 5/8 in. transverse spacing and effective embedment length of stud h,, of 5.0 in.

as 25.7 kips per ACI 318-05 Appendix D (ACI 2005) as follows:

ANC

N, =
® Ao

N, (6-53)

where the projected concrete failure area for group of studs A, is calculated from:
A = (1.625in. +3h, )(3h, ) = 249.4in* (6-54)
and projected concrete failure area for a single stud A, is calculated as:
Ao = 9h2 = 225in? (6-55)
and basic concrete breakout strength is:

N, =24,/ f.ht® = 23.2kips (6-56)

cef
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6.4. Limit State Analysis of Subassembly Models

6.4.1.Introduction

The lateral load resisting systems in Specimens FOA and FOB are comprised of two

structural systems acting side by side in resisting the lateral force. These systems are:

e The deck-girder framing action: A moment frame that consists of concrete deck

and steel girders connected through deck-girder studded moment connections.

e The chord-girder framing action: A moment frame that consists of the top and
bottom chords of the end cross frame and steel girders inter-connected with bolted
connections which are offset from the axis of rotation of the girders. In an ideal
pin-connected chord member the stiffness and strength of this system is

negligible.

Specimens F1A, F1B, and F1B_1 introduce an additional structural system to resist
lateral loading. This system is comprised of diagonal braces between the girders that
resist lateral loads through yielding and buckling. The diagonal braces are effective in

dissipating energy from the framing system through plastic deformations.

In this section the limit state analysis of Specimens FOA and F1A are discussed in detail.
It was possible to quantify the limit states and determine the lateral response of these

specimens with simplified equations, due to a rather clear lateral load path. However, the
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lateral response of Specimens FOB, F1A, F1B, and F1B_1 was more complex due to the
distributed load transfer mechanism at the shear connectors along the top chords.

Therefore, a nonlinear finite element model is developed for these specimens.

6.4.2.Specimen FOA

Figure 6-10 shows the schematic view of the bending moment diagram in the concrete
deck and steel components of Specimen FOA as the model undergoes lateral
displacements. The deformed shape of the specimen is shown in Figure 6-11. The deck-
girder studded joint at the Girder 2 experiences twice the bending moment demand that
exists in the joints over Girders 1 and 3. As a result it was expected that failure would

occur first in the deck-girder studded joint at Girder 2.

Figure 6-12 (a) identifies the two lateral load resisting systems that act on the specimen.
The schematic limit state force distribution in the deck-girder frame and chord-girder

frame are shown in Figure 6-12 (c) and (d).

Figure 6-13 shows the base shear at the limit state of failure of the deck-girder studded
connections. The failure of the frame would start from the studded deck connection at
Girder 2 and end when the rest of the studded joints over Girder 1 and 3 reach the failure

moment M, . This moment is calculated as 145.9 kips-in in section 5.2.2.
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At maximum base shear of 30 kips on the specimen, the amount of shear force transferred
through the 15 shear connectors placed at each girders is about 10 kips. This translates
into 0.67 kips per shear connector. The 3/8 in. shear connectors have a shear strength of

8.8 kips as calculated in section 5.2.2. Hence,

=20 -0.08<0.2 (6-57)

Based on ACI 318-05 Appendix D (ACI 2005), full axial strength of shear connectors

may be used if V,/gV, <0.2. Therefore, the effect of the combined shear force on the

axial strength of shear connectors was ignored for calculating the bending moment

capacity of the connection.

The horizontal reactions at each support can be calculated by dividing the bending
moment M, by the height of the girder. Therefore the ultimate lateral load capacity of the

deck-girder frame is 9 kips as shown in Figure 6-13.

Figure 6-14 shows the limit state forces in the chord-girder lateral load resisting system.

The chord plastic moment M, is 68 kips-in based on plastic section modulus of 1.266 in®
and the expected yield strength of 54 ksi. The shear forces at the ends of the chords, V ,

can be calculated as:
V =2M,/L, =268/38 = 3.6kips (6-58)
The horizontal reactions at each girder can be calculated from the free body diagrams

shown in Figure 6-14. The ultimate lateral load resisting capacity of the chord-girder
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frame is 21.6 kips. Therefore, the total lateral load resistance of Specimen FOA based on
combined lateral load resistance of deck-girder frame (9 kips) and chord-girder frame
(21.6 kips) is calculated as 30.6 kips which closely match the experimental results of 30.0

Kips.

6.4.3.Specimen FOB

In Specimen FOB, the contribution from the deck-girder frame was considered negligible
due to small number of shear connecters on top of the girders. The lateral force transfer
mechanism in this model was mainly through shear connectors on the top chords. The
degradation of the connection between the deck and top chords at large drifts was due to
high axial loads on the shear connectors, especially at the extreme ends of the chords as

shown in Figure 6-15.

The attachment of the top chord to the deck created a flexurally stiff top chord composite
section. Therefore, it was expected (and experimentally proved) that the contribution
from the chord-girder frame produces higher lateral elastic stiffness in Specimen FOB

compared to Specimen FOA.

Figure 6-15 also shows that at higher drifts due to the contact of the gusset plate to the
underside of the deck at Girders 2 and 3 the deck lifts off from the top of the girders. A
simplified limit model was not sufficient to capture the response of Specimen FOB due to

the distributed nonlinearity in shear connector and the flexural flexibility of the top chord.
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Therefore, a finite element model of the specimen was developed and its results were

compared with experimental data in section 5.4.3.

6.5. Analytical Investigations on Subassembly Models

6.5.1.Description of Analytical Model

Detailed nonlinear three-dimensional finite element models of the specimens were

developed in SAP2000 (CSI 2007).

Deck and Plate Girders:

Figure 6-16 shows the three-dimensional finite element model of Specimen FOA, Figure
6-17 shows the analytical model of Specimen FOB, Error! Reference source not found.
shows the analytical model of Specimen F1A, Figure 6-18 shows the analytical model of
Specimen F1B, and Figure 6-19 shows the analytical model of Specimen F1B_1. All
steel plate girder components including web, flanges and bearing stiffeners as well as
concrete deck were modeled with thick shell elements. Linear elastic un-cracked concrete
material properties for the deck were used in the analyses. The bottom flanges were
constrained (slaved) to a node that represented the center of the steel hinge support. The
top and bottom chords of the cross frame members were modeled with frame elements
with nonlinear plastic moment hinge properties at both ends. In order to capture the
rotational fixity provided by the connection, no moment release was applied to the ends
of the top and bottom chords. A lateral load applied at the tip of the deck cantilever was

used as the load pattern for the pushover analysis.
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Shear Connectors:

The modeling of the nonlinear shear connectors was based on the developed truss
analogy method as follows; small trusses were formed at the location of studs over the
top flange of steel girders and top chords by adding a diagonal between two consecutive
frame elements that represented the shear connectors in the analytical model. Moment
releases were applied at both ends of all three frame elements. The shear connectors on
the top flanges of the plate girders were modeled individually with linear frame element
properties. The frame elements representing the shear connectors were of circular section
3/8 in. in diameter and 3.8 in. long and were placed over the top flanges of steel girders at
the exact pattern for Specimens FOA and FOB as shown in Figure 6-2 and Figure 6-4,
respectively. The frame elements representing the shear connectors for Specimen F1B
were of circular sections as well, 3/8 in. in diameter, and 6.38 in long (vertical). The
pattern was similar to that of layout on Specimen F1B, as shown in Figure 6-8; the
difference is the SAP 2000 model has a 12 by 1 stud layout where the test specimen had a
12 by 2 stud layout (one row instead of two). These frame elements connected a shell
element node on the top flange of the steel girder to a shell element node at the centerline
of the deck directly above it. Specimen F1B_1 utilized the analytical model for
Specimen F1B. The top chords and shear connectors dimensions were increased in this

model as shown in Figure 6-9.

For Specimen F1B_1, an additional analytical model was developed using rigid links for

the shear connectors in addition to the truss model previously discussed. Each top chord
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has three rigid links (6 total); the addition analytical model for Specimen F1B_1 is shown

in Figure 6-20.

The diagonal members of the truss were modeled to have axial strength corresponding to
1.85 times the steel shear strength of one shear connector, while for the top chord shear
connectors’ attachment in Specimen FOB, the diagonal truss members were modeled to
have axial strength corresponding to 1.4 times the steel shear strength of one shear
connector. In Specimen F1B_1, the top chord shear connectors were modeled to have
axial strength corresponding to values from the Certificate of Compliance (material test
sheet). The additional model for Specimen F1B_1 used rigid links to connect the deck to

the substructure.

Specimen FOA:

The shear strength of shear connectors is governed by steel strength. The length of the
shear connectors was 3.85 in. and their transverse spacing was 2.5 in. as shown in Figure
6-2. Therefore, due to their angle of inclination, the diagonal members of the truss were
modeled to have axial strength corresponding to 1.85 times the steel shear strength of one

shear connector.

Specimen FOB:

At Top Flange of Steel Girders:
The concrete breakout strength of a group of four shear connectors on top flange of a

steel girder is 22.6 kips. This translates into axial capacity of 5.65 Kips per shear
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connector based on concrete breakout limit state. Since the shear connector steel strength
in tension is 8.8 kips, the governing axial limit state is concrete breakout. Moreover, the
shear strength of shear connectors on the top flange of the steel girders is governed by
steel strength. The length of the shear connectors was 3.85 in. and their transverse
spacing was 2.5 in. as shown in Figure 6-4. Therefore, due to their angle of inclination,
the diagonal members of the truss were modeled to have axial strength corresponding to

1.85 times the steel shear strength of one shear connector.

At Top Chord Attachment:

The concrete breakout strength of a group of two shear connectors on top chord is 24.0
kips. This translates into axial capacity of 12 kips per shear connector based on concrete
breakout limit state. On the other hand, the shear connector steel strength in tension is 8.5
kips. Therefore the governing limit state in tension is stud steel strength. Similarly, the
governing limit state for the subsequent rows of shear connectors on the top chord is steel
strength. This failure mode was also observed during experimental investigations on

Specimen FOB.

The shear strength of shear connectors on top chords was also governed by steel strength.
The length of the shear connectors was 6.1 in. and their transverse spacing was 6 in. as
shown in Figure 6-4. Therefore, due to their angle of inclination, the diagonal members
of the truss were modeled to have axial strength corresponding to 1.4 times the steel shear

strength of one shear connector.
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Specimen F1A:

The shear strength of shear connectors is governed by steel strength. The length of the
shear connectors was 3.56 in. and their transverse spacing was 6.0 in. as shown in Figure

6-7.

Specimen F1B:

The concrete breakout strength of a group of two shear connectors on top chord is 18.8
kips. This translates into axial capacity of 9.4 kips per shear connector based on concrete
breakout limit state. The shear connector steel strength in tension is 8.8 kips. Therefore
the governing limit state in tension is the steel strength. Similarly, the governing limit

state for the subsequent rows of shear connectors on the top chord is steel strength.

The shear strength of shear connectors on top chords was also governed by steel strength.

The length of the shear connectors was 5.0 in. and their transverse spacing was 5 in.

Specimen F1B 1:

The concrete breakout strength of a group of two shear connectors on top chord is 25.7
kips. This translates into axial capacity of 12.9 kips per shear connector based on
concrete breakout limit state. The shear connector steel strength in tension is 24.1 kips.
Therefore the governing limit state in tension is the concrete breakout strength. Similarly,
the governing limit state for the subsequent rows of shear connectors on the top chord is

concrete breakout strength.
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The shear strength of shear connectors on top chords was also governed by steel strength.

The length of the shear connectors was 5.0 in. and their transverse spacing was 5 in.

Diagonal Members:

Error! Reference source not found. shows the analytical model of Specimen F1A,
Figure 6-18 shows the analytical model of Specimen F1B, and Figure 6-19 shows the
analytical model of Specimen F1B_1. In these models, the plate girder modeling was as
described above. The braces were pin-connected to the gussets at each end. The braces
were modeled with frame elements with axial nonlinear properties based on FEMA356
(FEMA 2000). No nonlinear properties were assigned to the connection of the gusset
plate to the deck as no damage was observed in this connection during the experiment.

Additionally, the support joints were restrained against translation in this model.

Due to the expected large deformations in the specimens, the nonlinear geometry
parameters that included P-delta effects and large deformations were invoked in the

pushover analyses.

6.5.2.Pushover Analysis on Specimen FOA

Specimen FOA represented a conventional bridge superstructure with no shear connectors
along the top chords of the end cross frame. The damages observed during the

experiment included yielding at the ends of the top and bottom chords as a result of the
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development of plastic moment hinges as well as concrete breakout failure of the deck-

to-girder studded joint.

Figure 6-21 shows the deformed shape of the analytical model of Specimen FOA. The
pushover curve is compared with the envelope of base shear values at peak displacement
cycles in Figure 6-22. The figure shows good correlation between the two curves in
general. The difference in the initial slope of the curves can be attributed to the

degradation of stiffness and strength in the studded joint as observed during experiment.

Figure 6-23 shows the support horizontal reactions from the pushover analyses while
Figure 6-24 shows horizontal reactions from the experiment. The change in the direction
of the horizontal support reaction under Girder 3 is due to geometric nonlinearity and P-
delta effects. As can be noted from the figures this phenomenon is clearly captured by the

pushover analysis on the analytical model of the specimen.

Figure 6-25 and Figure 6-26 also show the support vertical reactions from the analytical
model and experiment, respectively. The vertical and horizontal support reactions from
the analytical model and the experimental results showed good correlation. The
difference in the results could be attributed to the resolution of the load cells used in the
experiments. The loads cells used have 200 £ 2 kips axial capacity and the measured load

in the experiments are comparatively low.
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Figure 6-27 shows the effect of restraining the support against rotation in the analytical
model of Specimen FOA. In addition to increased initial lateral stiffness, the model has
about twice the lateral force of the model with pin supports. The figure also shows that

the model behaved essentially elastic until failure at about 1% drift.

Figure 6-27 also shows the effectiveness of the two outside sets of shear connectors on
gridlines “A” and “E” as shown in Figure 6-3 in contributing to lateral strength of
Specimen FOA. Figure 6-27 shows that the initial lateral stiffness in the model of
Specimen FOA drops by 38% from the original 81 kips/in to 50 kips/in when the shear
connectors are removed. Furthermore, the lateral strength of the specimen decreases by
17% from 30 kips to 25 kips in the model without outside set of connectors. This shows
that all the shear connectors on top flange of steel girders are part of the lateral load

carrying system in Specimen FOA.

6.5.3.Pushover Analysis on Specimen FOB

Specimen FOB represented a conventional bridge superstructure with shear connectors
along the top chords of the end cross frames. There were six shear connectors on each
girder, spaced 1 ft. from the centerline of the cross frames as described in Chapter 4. The
damages observed during the experiment included yielding at the ends of the top and
bottom chords as a result of the development of plastic moment hinges, concrete breakout
failure of the deck-to-girder studded joint, and yielding of shear connectors over the top

chords.
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Figure 6-28 shows the deformed shape of the analytical model of Specimen FOB. The
pushover curve is compared with the envelope of base shear values at peak displacement
cycles in Figure 6-29. The figure shows good correlation between the two curves. The
difference in the curves can be attributed to the degradation of stiffness and strength in
the studded joint as well as sequence of failures as observed in the experiment and

discussed in Chapter 4.

Figure 6-30 shows the support horizontal reactions from the pushover analyses while
Figure 6-31 shows horizontal reactions from the experiment result. The figures show
good correlation between the analytical and experimental horizontal reactions results up
to 1.5 % drift. Beyond this point the horizontal reaction under Girder 3 start to change
directions due to geometric nonlinearity and P-delta effects. However, the pushover

analysis with nonlinear geometry and P-delta effect did not converge at 1.5% drift.

Figure 6-32 and Figure 6-33 show the support vertical reactions from the analytical
model and experiment, respectively. The vertical and horizontal support reactions from

the analytical model and the experimental results showed good correlation.

Figure 6-34 shows the effect of restraining the support against rotation in the analytical
model of Specimen FOB. In addition to having 1.8 times of the initial lateral stiffness, the
model has about twice the lateral force of the model with pin supports. The figure also

shows that the model behaved essentially elastic until 0.8% drift and failed at 2% drift.
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Figure 6-34 also shows the effectiveness of the two outside sets of shear connectors on
gridlines “A” and “E” as shown in Figure 6-5 in contributing to lateral strength of
Specimen FOB. Figure 6-34 shows that the initial lateral stiffness in the model of
Specimen FOB drops by 44% from the original 220 kips/in to 123 Kips/in when the shear
connectors are removed. However, both models show similar lateral strength of 60 Kips.
This shows that in Specimen FOB, where the top chords are directly attached to the deck,
the shear connectors on top flange of steel girders do not contribute to the ultimate lateral

strength of the specimen.

6.5.4.Pushover Analysis on Specimen F1B

Specimen F1B represented a bridge superstructure with shear connectors along the top
chords of the end cross frame. The damages observed during the experiment included
yielding and fracture at the ends of the top chords as a result of the development of

plastic moment hinges as well as yielding of bottom chords (minimal).

Figure 6-38 shows the deformed shape of the analytical model of Specimen F1B. The
pushover curve is compared with the envelope of base shear values at peak displacement
cycles in Figure 6-39. The figure shows good correlation between the two curves until the

specimen failed early in the test.

Figure 6-40 shows the support horizontal reactions from the pushover analyses while

Figure 6-41 shows horizontal reactions from the experiment result.
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Figure 6-42, Figure 6-32, and Figure 6-43 show the support vertical reactions from the
analytical model and experiment, respectively. The differences in the vertical support

reactions are attributed to the resolution of the load cells.

6.5.5.Pushover Analysis on Specimen F1B 1

Specimen F1B_1 represented a bridge superstructure with shear connectors along the top
chords of the end cross frame. This section covers the analytical model for Specimen
F1B_1 using a truss approximation for the shear connectors as well as the rigid link
approximation, figures in this section explicitly state the model. The damages observed
during the experiment included yielding and fracture at the ends of the top chords as a
result of the development of plastic moment hinges as well as yielding of bottom chords

(minimal).

Figure 6-44 shows the deformed shape of the analytical model of Specimen F1B_1 using
the truss approximation and Figure 6-45 shows the deformed shape of the analytical
model using the rigid link approximation. The pushover curve is compared with the
envelope of base shear values at peak displacement cycles in Figure 6-46 for the truss
model and in Figure 6-47 for the rigid link model. The figures show good correlation

between the curves.

Figure 6-48 shows the support horizontal reactions from the pushover analyses using the
truss model, Figure 6-49 shows the support horizontal reactions using the rigid link

model, and Figure 6-50 shows horizontal reactions from the experiment result.
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Figure 6-51, Figure 6-52, and Figure 6-53 show the support vertical reactions from the
truss model, link model, and experiment, respectively. The differences in the vertical
support reactions in the experiment values are attributed to the resolution of the load

cells.

Due to the differences in the modeling of the shear connectors, the truss approximation
and the rigid link approximation, the shear in each of the connectors for both of the
models were compared. Figure 6-54 shows the shear connector forces from the truss
approximation model between Girders 1 and 2 (note: connector numbers increase from
Girder 1 towards Girder 3). Figure 6-55 shows the shear connector forces between
Girders 2 and 3. The values in these plots take into account two shear connectors side by
side. Figure 6-56 shows the shear connector forces from the rigid link approximation
model between Girders 1 and 2. Figure 6-57 shows the shear connector forces between
Girders 2 and 3. The values in these plots take into account a group of four shear

connectors.

6.5.6.Pushover Analysis on Specimen F1B_1 — Top and Bottom Chord
Variations

The analytical model of Specimen F1B_1 was used to compare the effect of varying the
top or bottom chord on the drift and ultimate base shear capacity. The sections used for

the top chord were chosen based on a b/t ratio of 5 and increasing the cross sectional area.

The top chords were varied from 2L 1 1/4x1 1/4x1/4 (original specimen section) through
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2L 3 1/2x3 1/2x1/2 as shown in Figure 6-58. The bottom chord was not varied in the
analyses. These plots show that as the top chords are increased in size the ultimate
capacity increases; however, the ultimate capacity of the system is reached at a smaller

lateral drift.

The sections used for the top chord were chosen based on a b/t ratio of 6.67 and
increasing the cross sectional area. The top chords were varied from 2L 1 1/4x1 1/4x3/16
(original specimen section) through 2L 3 1/2x3 1/2x1/2 as shown in Figure 6-59. The top
chord was not varied in the analyses. These plots show that as the bottom chords are
increased in size the ultimate capacity increases; however, the ultimate capacity of the
system is reached at a smaller lateral drift. This effect is not as pronounced by varying

the bottom chord as varying the top chord.

6.6. Conclusions for Subassembly Analytical Investigation

The results from the analytical investigations based on the truss models developed for
shear connectors showed good agreement with the experiments. The rotational fixity at
the girder supports almost doubles the lateral stiffness and ultimate strength of the

specimens while significantly reducing their lateral displacement capacity.

Analytical investigations conducted in this chapter show that all the shear connectors on
the top flange of the steel girders contribute to the lateral stiffness and strength in

Specimen FOA. The shear connectors on top flange of steel girders in Specimen FOB
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contribute to the lateral stiffness while their contribution to the ultimate lateral strength at
higher drift is insignificant. The same trend is seen in Specimens F1A and F1B_1, were
Specimen F1A (with shear connectors on the top flanges) had a higher linear elastic
stiffness and lower ultimate capacity than that of Specimen F1B_1 (with shear connectors
on the top chords. The variations of the top and bottom chord cross sections showed that
the top chord influences the lateral capacity more than the bottom chord. This

observation can be deduced from Section 6.4 of this chapter.

6.7. Analytical Investigations on System Experiments

6.7.1.Analytical Modeling

One of the objectives of this study was to gain insight into the behavior of the shear
connectors through analytical investigations using linear and nonlinear modeling of the
shear connectors. The analytical model and the linear modeling of the shear connectors
are described in Section 3.2.2. The nonlinear modeling of the shear connectors is
described in Section 6.2. The single span bridge that was tested by Carden et al and

discussed in Chapter 4 was modeled with non linear shear connectors.

6.7.1.1. Cross Frame Modeling

The cross frame members were modeled with frame elements and pin-connected at both
ends. Nonlinear axial properties were only used for diagonal X-braces at the end cross

frame. Yield strength of 49 ksi was used for calculation of nonlinear properties of the
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braces based on coupon tests by Carden et al (2004). Therefore, the brace yield force was
16.6 kips and the buckling load, based on a K value of 0.7 and taking half the total
diagonal brace length, was 3.4 kips. The K- factor and the buckling over half length was
based on the experiments conducted by Carden et al for X-braced cross frames. The
nonlinear axial hinge definitions for braces at the end cross frames are shown in Table

6-1 and Figure 6-60.

Table 6-1. Nonlinear axial definition used for braces in analytical models

Yield Force Yield Disp.
Point Scale Factor Scale Factor
-E -0.3 -25
-D -0.3 -2.5
-C -0.3 -1.5
-B -0.46 0
A 0 0
B 1 0
C 1.15 23
D 0.2 23
E 0.2 25

6.7.1.2. Shear Connector Modeling

In the analytical model with linear shear connectors, all connectors on top flanges of the
plate girders were modeled individually with linear frame element properties. Two frame
elements, 3/8 in. in diameter and 3 1/8 in. long, were modeled at transverse spacing of 3
5/8 in. over the top flanges of steel girders. These frame elements connected a shell
element node on the top flange of the steel girder to a shell element node at the centerline

of the deck situated directly above it. The torsion and moment releases in transverse and
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longitudinal axes were applied to the end of the frame element that was connected to the

deck.

A revised analytical model was developed in which the shear connectors on the girders
over a distance between the supports and the first intermediate cross frames were capable

of developing nonlinearity in axial tension as well as shear as discussed in Section 6.2.

6.7.2.Pushover Analysis

A third-point load pattern similar to the one used in the Carden et al (2004) experiment
was used in the pushover analysis. This load pattern was represented by two unit lateral
forces applied in the transverse direction at the third-point locations. The control point for
this model was located at the deck level at one of the end cross frame locations of the
bridge. The deformed shape of the analytical model at 3.5% drift is shown in Figure 6-61.
Despite the attachment of the top chord to the deck at the ends of the bridge, Figure 6-61
shows damage to shear connectors on top flanges over a distance of 45 in. from the ends
of the girders. A close-up view of the deformed shape of the analytical model is shown in
Figure 6-62. The pushover curve of the analytical model with linear shear connectors is
superimposed on the envelope curve of the cyclic experimental response of the bridge at
the north end as shown in Figure 6-63. The figure shows that although the model with
linear shear connectors captures the elastic portion of the experimental cyclic response, it
overestimates the post yield stiffness. The observed experimental cyclic response tends to

plateau after reaching 3.5% drift while the analytical model with linear studs maintains a
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noticeable high slope. This shows that in order to capture the complete nonlinear

response of the bridge, the shear connectors need to be modeled with nonlinear elements.

Figure 6-64 shows the pushover responses of the analytical models with linear and
nonlinear stud properties and the envelope curve of the cyclic experimental response of
the bridge at the north end. The lower post-yield stiffness in the model with nonlinear
studs is due to stiffness degradation of the deck-to-top flange connection due to yielding
of the studs. Once the diagonal bracing at the end cross frame starts to yield, the resulting
rotation of the end of the girders causes out of plane bending in the deck. Figure 6-64
shows that the analytical model with nonlinear stud capabilities is in good agreement

with the experimental cyclic response.

Figure 6-65 shows the Von Mises stress invariant contours in the steel plate girders in the
model with nonlinear shear studs. This plot shows areas of stress concentration reaching
as much as 20 ksi near the ends, especially in the top flanges and bearing stiffeners where
nonlinear behavior in the shear connectors has been observed. The post-yield stiffness in
the model with linear shear connectors is mainly dependent on the rotational stiffness of

the deck which in turn is provided by the elastic axial stiffness of the shear connectors.
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6.8. Effect of Number of Girders on the Lateral Response of Steel
Bridge Superstructures

The analytical model of the two-girder bridge, with nonlinear connector properties, was
expanded to investigate the lateral performance of single-span 3 and 4-girder bridges.
The additional girder lines were added at the same girder spacing as the two-girder

model. The top chords of the end cross frames were also attached to the deck.

The deformed shapes of the analytical model of the 3 and 4-girder bridges at 3.5% drift
are shown in Figure 6-67 and Figure 6-70, respectively. These plots show damage to
shear connectors over a distance of 45 to 60 in. from the ends of the girders. Close up
views of the deformed shape near the end cross frames for the 3 and 4-girder bridges are
shown in Figure 6-68 and Figure 6-71, respectively. Figure 6-69 and Figure 6-72 show
the Von Mises stress contours in the steel plate girders in the 3 and 4-girder bridges.
Stress concentration near the ends of the girders, as shown in these figures, exceeded 20
ksi, especially in the top flanges and bearing stiffeners, where nonlinear behavior in the

shear connectors has been observed.

The pushover curve of the 2, 3, and 4-girder bridge models, with nonlinear shear
connectors, are shown in Figure 6-73. To investigate the system effect response of the
bridge models, the rotational stiffness of the elastomeric bearings was set to zero. Figure
6-73 shows the end shear versus the lateral displacement of the end cross frames of these

bridge models. The onset of yield in the diagonal braces of the end cross frames of the 2,



360

3, and 4-girder bridge models occurs at 19 kips, 38 kips, and 57 kips, respectively. The
post yield stiffness of the pushover curves range from 14 to 38 kips/in. The post-yield
slope of the pushover curve is attributed to “system effects” and directly affects the
seismic base shear transmitted to the substructure. The higher the post-yield stiffness of

the pushover curve, the higher the base shear will be for a given drift.

6.9. System Contribution to the Lateral Response

As discussed in Section 6.7, the transverse load path changes near the supports of the
steel girder superstructures. The transverse load at the deck level needs to be transferred
through the superstructure to the lateral restraint provided by the bearings at the bottom
flange of the girders. The eccentricity associated with the transverse load in the deck
translates into a torsional moment about the longitudinal axis of the bridge. An example
of the rotation of the bridge superstructure along its longitudinal axis is shown in Figure
3-8. This torsion causes the outer girders to undergo bending moments about their major

axes.

Near the supports, the torsionally stiff superstructure section will resist the lateral force
through axial forces in the cross frame and torsion of the plate girders. This torsion
engages several structural components of the bridge near the supports. The support cross
frames provide most of the transverse (and torsional) stiffness. However, other structural
systems will play a role in providing lateral stiffness to the superstructure once the end

cross frames yield.
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The contribution to the total transverse stiffness of the bridge superstructure from a
torsionally stiff structural system comprised of an R/C deck, steel girders, intermediate
cross frames, and their connections, is referred to as “system effect” stiffness. This
stiffness acts in parallel with the stiffness of the end cross frames in resisting the
transverse seismic forces. In other words, the seismic load in steel bridge superstructures
is resisted by two systems that act side-by-side; one being the system effect response and
the other is the ductile end cross frame. The system stiffness can be nonlinear, as its
behavior also depends on the performance of shear connectors near the end regions of the

bridge superstructure.

The contribution of the system effect to the lateral response of steel bridge
superstructures was investigated by comparing the pushover responses of the full span
and 10 in. wide subassembly of 2, 3, and 4-girder bridge models. The subassembly
models were at the location of the end cross frames. Figure 6-74 shows the subassembly

model of the 2-girder bridge.

Figure 6-75 shows that the contribution from system effects increases the elastic, as well
as the post-yield stiffness of the pushover curve in the 2-girder bridge model. As noted
previously, the difference between the two curves is due to system effect response and
this difference is plotted in Figure 6-76. The figure shows that the system effect response
is nonlinear which is due to nonlinearity in the shear connectors and subsequent

degradation of the moment connection between the concrete deck and the top flanges of
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the girders. Figure 6-76 also shows that at 3.5% drift, the contribution from the system

effects to the total base shear is 9.3 kips, or 31% of the total base shear.

Figure 6-77 shows that the contribution from system effects increases the elastic as well
as the post-yield stiffness of the pushover curve in the 3-girder bridge model. The
system effect is shown in Figure 6-78. This figure shows that at 3.5% drift the
contribution of the system effects to the total base shear is 13.5 kips, or 25% of the total

base shear.

Figure 6-79 shows that the contribution from system effects increases the elastic as well
as the post-yield stiffness of the pushover curve in the 4-girder bridge model. The system
effect response is shown in Figure 6-80. This figure shows that, at 3.5% drift, the
contribution of the system effects to the total base shear is 15 Kips, or 18% of the total
base shear. Comparison of the system effects in the 2, 3, and 4-girder bridge models is
shown in Figure 6-81. It may be concluded that the system effect is significant in narrow
bridges where the torsion is more pronounced and becomes less important for wide

bridges.



363

6.10. Proposed Approximate Method for Calculating Axial Force
Demand on Shear Connections under Lateral Loads

An approximate method is proposed to estimate the longitudinal extent of the failure zone
in the deck to girder connections. In addition, this method is expanded to estimate the
contribution of the system effect on the lateral response of bridge superstructure. It is
assumed that deck and top flange of the girders have higher flexural rigidity than the joint
formed by the shear connectors and as a consequence, the majority of the rotation of the

deck-to-girder connection occurs in this joint.

This methodology was developed based on the assumption that the failure of the deck to
girder joint is governed by axial yielding of steel shear connectors. However, this method
is also applicable in the case of failure by concrete breakout by using the corresponding

failure displacement of the connection.

Figure 6-82 shows a three dimensional plan view of the deformed shape of the 2-girder
bridge model. It is seen that girder twist occurs primarily between the end of the bridge

and the first intermediate cross frame.

Figure 6-83(a) shows a schematic cross section of a 2-girder bridge superstructure at the
ductile end cross frame. The lateral displacement of the top and bottom flanges at this

location is A, , the height of the girder is h, and the lateral stud spacing is d. The

ecf ?
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rotational demand on the deck to girder connection at the end cross frames is ., as

ecf 1

shown in Figure 6-83(a).

The angle .. can be calculated from:

ecf

g, =— (6-59)

Figure 6-84 (a) and (b) shows the twisting moment in the top flange of steel girder near
the support. This figure illustrates that the twisting moment and the associated rotation in
the deck to girder joint drops significantly within a short distance from the end cross
frame and tapers down to almost zero at the first intermediate cross frame. Therefore, a
cubic polynomial is proposed for estimating the shape of the rotation demand curve along
the top flange of the steel girders. The boundary conditions of this curve are:
6(x=0)=4,

at the support and (x=L,) =0 at the first intermediate cross frame, as

cf
shown in Figure 6-83 (b). Therefore the distribution of the rotational demand of the deck
to girder joint is estimated as:

8
A(x) == (L, - x)°® 6-60
(x) K (L -x) (6-60)

The yield rotation (rotation capacity) of the joint, based on the steel connector failure

mode, is:

6, om == (6-61)

joint
y_1 d
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where d is the lateral spacing of the connectors. The yield displacement of a single
connector is calculated as:

_ IDy _ stud Lstud (6_62)

A = _y_>" >
y _ stud EIA\swd

where L, and A,, are the length and cross sectional area of one connector,

respectively. The yield force for the connector is determined from:

Py s = Fy_suoAua (6-63)

Figure 6-85 shows the shear connectors over length L, between the end cross frame and

the intersection of the &(x) demand curve and &, capacity line, will fail and those to

_ joint
the right of the intersection point will remain elastic. Therefore, based on the spacing of
shear connectors along the span, the number of rows of failed shear connectors on each

girder can be calculated.

6.11. Proposed Approximate Method for Calculating the Contribution
of the System Effect on the Lateral Response

A simplified method is proposed in this section to calculate the contribution of the system
effects on the lateral response of bridge superstructures. The system effect contribution is
mainly due to out of plane bending of the deck, which is dependent on the rotational
rigidity of the deck to girder joint near the ends of the bridge. Therefore, rotational

rigidity is considered in detail below.
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Shear connectors along the span are placed at discrete intervals. This means the deck and
girder are connected together at discrete moment connections through joints along the

span. The bending moment capacity of the deck to girder joint can be calculated from:

M =P

y _ stud

d (6-64)

y_ joint
This value can be used for the shear connectors within the stud failure zone L,. However,

for the remaining undamaged shear connectors, the elastic bending moment demand can

be calculated based on rotational demand &(x) as follows:

M (x) = P(x)d (6-65)
where
P(x) = BuaAus (6-66)
stud
and
A, =0(x)d (6-67)

The simplified moment equation for shear connectors in the elastic zone can therefore be

expressed as:

M (x) = % (6-68)

stud
The cross section of the bridge at these joint locations can be considered as moment
frames consisting of steel girders connected to the deck while free to rotate at the bottom
flange, as shown in Figure 6-86. The shear forces corresponding to the moments
developed in the joints are for shear connectors in the failed zone:

M
V, = %‘m-' (6-69)
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and for each joint, at a distance x from the end of the bridge in the elastic zone:

M (x);

V(x), = h

(6-70)

therefore, if N, is the number of sets (transverse rows) of studs over one girder in the
stud failure zone, L , and N, is the number of sets of studs over one girder in the

elastic zone and n is the number of girders in the superstructure, the total contribution to

base shear from the system effect at the end cross frame displacement of A_. will be:

ecf
Ne

V, =NV, +> nV(x), (6-71)
i=1

ignoring the contribution from the elastic zone due to low rotational demand near the first
intermediate cross frames (see cubic equation), the total contribution to base shear from

the system effect at the end cross frame displacement of A_, will be:

ecf

V., =nN,V, (6-72)
It is important to note here that this procedure estimates the system contribution for out-
of-plane bending as well as the nonlinearities in the shear connectors. It does not take into

account the lateral bending stiffness of the girders which is assumed to be small

compared to other effects.

For example, the calculations of the contributions to base shear from the system effects at
3.5% drift in the 2, 3, and 4-girder bridge models based on the above procedure are

shown in Table 6-2. These values are within 5%, 10%, and 25% of the results from finite
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element models of the 2, 3, and 4-girder bridge models, respectively. Figure 6-81 shows

the results of the finite element analyses.

Table 6-2. Estimating system effects contribution at 3.5% drift

X 0(x) Oy_stud Status M(x)i V(x)i 2-Girder Bridge  3-Girder Bridge ~ 4-Girder Bridge
(in) (rad) (rad) (Kips-in) (Kips) (Kips) (Kips) (Kips)
0 0.035 0.002
15 0.024 0.002 Yielded 21.990 0.916 1.832 2.749 3.665
30 0.015 0.002 Yielded 21.990 0.916 1.832 2.749 3.665
45 0.009 0.002 Yielded 21.990 0.916 1.832 2.749 3.665
60 0.004 0.002 Yielded 21.990 0.916 1.832 2.749 3.665
75 0.002 0.002 Yielded 21.990 0.916 1.832 2.749 3.665
90 0.001 0.002 Elastic 7.421 0.309 0.618 0.928 1.237
105 0.000 0.002 Elastic 0.928 0.039 0.077 0.116 0.155
120 0.000 0.002 Elastic 0.000 0.000 0.000 0.000 0.000
Total Shear Force Contribution From System Effects (kips): 9.858 14.787 19.716

6.12. Comparison of Results and Conclusions

The post-yield stiffness in steel plate girder bridges with ductile end cross frames can be
attributed to the system effect. Once the diagonal bracing at the end cross frame starts to
yield, the resulting rotation of the end of the girders causes out of plane bending in the
deck. The resistance against rotation of the end of girders is decreased when the moment

capacity of the deck to girder connection is reached.

The pushover analyses of the 2, 3, and 4-girder bridge models, with nonlinear shear
connectors, show that the deck connection experiences damage near the supports. The

post-yield slopes range from 25 to 40 kips/in. This leads to increased seismic base shears
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at large drifts. The contribution from the system effect ranges from 18% to 25% in the

analytical models at 3.5% drift.

The stress concentration in the steel girders near the supports, when combined with
gravity loads, may lead to localized yielding in the steel plate girders. The degradation of
deck to girder joints in this region, as well as secondary effects due to permanent residual
transverse displacements of top of the girders, will require repair after large seismic

gvents.
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Figure 6-1. Proposed nonlinear model for shear connectors under shear and tensile forces

O ]
15—-3/8 in. dia. oo

Shear Connector it
2 3/4" e e ]
2 3/41,,. T

ik

Top Flange
2" 2"
2 1/2% 0 1/2”

Figure 6-2. Dimensions and plan view of shear connector over one of the girders in Specimen FOA
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Figure 6-6. Specimen FOB: concrete breakout failure surface for shear connectors on top chords
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Figure 6-8. Dimensions and plan view of shear connectors on the top chords of Specimen F1B
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Figure 6-9. Dimensions and plan view of shear connectors on the top chords of Specimen F1B_1

Figure 6-10. Specimen FOA: schematic bending moment diagram due to lateral load (drawn on the
tension side)



Figure 6-11. Deformed shape of Specimen FOA showing rotational demand at the studded deck-to-girder joint under lateral load
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Figure 6-12. Lateral load resisting systems and limit states of Specimen FOA
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Figure 6-14. Chord-girder frame limit state reactions for Specimen FOA



Figure 6-15. Deformed shape of Specimen FOB showing development of axial forces in the studs due to the separation of deck and top chord under lateral
load
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Figure 6-16. Analytical model of Specimen FOA

Figure 6-17. Analytical model of Specimen FOB
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Figure 6-18. Analytical model of Specimen F1B

Figure 6-19. Analytical model of Specimen F1B_1
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Figure 6-20. Analytical model of Specimen F1B_1 with rigid link connectors

Figure 6-21. Deformed shape of the analytical model of Specimen FOA
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Figure 6-22. Specimen FOA: comparison of analytical pushover results and experimental data
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Figure 6-23. Support horizontal reactions from analytical model of Specimen FOA
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Figure 6-24. Support horizontal reactions from experimental investigations in Specimen FOA

Support Vertical Reactions, kips

Drift
0.00% 1.25% 2.50% 3.75% 5.00% 6.25% 7.50%
25 ‘
20 -o-Girder 1 |
-0~ Girder 2
15 —&— Girder 3 |H
10 |
. S I
) \f\a !
-10 L L L
0 0.5 1 1.5 2 2.5 3

Girder Transverse Differential Displacment, in.

5.00%

Drift
0.00% 1.00% 2.00% 3.00% 4.00%
0} —— — — —— — —

(&)]

o
5

'
(&)]

KR
o

=O-G1-Analytical Model
-+ G2-Analytical Model | |
-~ G3-Analytical Model

-15

0 0.4

0.8

1.2 1.6
Girder Transverse Differential Displacment, in.

Figure 6-25. Support vertical reactions from analytical model of Specimen FOA
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Figure 6-26. Support vertical reactions from experimental investigations in Specimen FOA
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Figure 6-27. Effects of moment connection at the supports and removal of shear connectors on
Specimen FOA
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Figure 6-28. Deformed shape of the analytical model of Specimen FOB
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Figure 6-29. Specimen FOB, comparison of analytical pushover results and experimental data
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Figure 6-30. Support horizontal reactions from analytical model of Specimen FOB
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Figure 6-31. Support horizontal reactions from experimental investigations in Specimen FOB
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Figure 6-32. Support vertical reactions from analytical model of Specimen FOB
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Figure 6-34. Effects of moment connection at the supports and removal of shear connectors on
Specimen FOB
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Figure 6-35. Support horizontal reactions from experimental investigations in Specimen FOB
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Figure 6-36. Support horizontal reactions from experimental investigation of Specimen F1A
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Figure 6-37. Support vertical reactions from experimental investigation of Specimen F1A
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Figure 6-38. Deformed shape of the analytical model of Specimen F1B
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Figure 6-39. Specimen F1B, comparison of analytical pushover results and experimental data
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Figure 6-40. Support horizontal reactions from analytical model of Specimen F1B
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Figure 6-41. Support horizontal reactions from experimental investigations in Specimen F1B
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Figure 6-44. Deformed shape of the analytical model of Specimen F1B_1 with truss connectors model

Figure 6-45. Deformed shape of the analytical model of Specimen F1B_1 with rigid link connectors
model
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Figure 6-46. Specimen F1B_1: comparison of analytical pushover results and experimental data with
truss connectors model
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Figure 6-47. Specimen F1B_1: comparison of analytical pushover results and experimental data with
rigid link connectors model
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Figure 6-48. Support horizontal reactions from analytical model of Specimen F1B_1 with truss
connectors model
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Figure 6-49. Support horizontal reactions from analytical model of Specimen F1B_1 with rigid link
connectors model
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Figure 6-50. Support horizontal reactions from experimental investigations in Specimen F1B_1
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Figure 6-52. Support vertical reactions from analytical model of Specimen F1B_1 with rigid link

connectors model
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Figure 6-53. Support vertical reactions from experimental investigations in Specimen F1B_1
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Figure 6-54. Shear connector forces between Girders 1 and 2 with truss connector mode
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Figure 6-55. Shear connector forces between Girder 2 and 3 with truss connector model
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Figure 6-56. Shear connector forces between Girder 1 and 2 with rigid link model
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Figure 6-57. Shear connector forces between Girder 2 and 3 with rigid link model
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Figure 6-58. Effect of varying the top chord in the rigid link model of Specimen F1B_1
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Figure 6-59. Effect of varying the bottom chord in the rigid link model of Specimen F1B_1
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Figure 6-61. Deformed shape of the conventional 2-girder bridge at 3.5% drift
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Shear connectors
show nonlinear
behavior

Figure 6-62. Close up view at the end cross frame of deformed shape of analytical model of the
conventional 2-girder bridge at 3.5% drift
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Figure 6-63. Pushover curve of the analytical model with linear shear connectors and envelope of
cyclic experimental data
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Figure 6-65. (a) Von Mises Stress (ksi) in the conventional 2-girder bridge model with nonlinear
connectors at 3.5% drift, (b) close up view at end cross frame
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Figure 6-66. Pushover response of the 2-girder bridge model with linear and nonlinear connectors
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Figure 6-67. Deformed shape of the conventional 3-girder bridge at 3.5% drift
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Shear connectors
show nonlinear
behavior

Figure 6-68. Close up view at the end cross frame of deformed shape of analytical model of the
conventional 3-girder bridge at 3.5% drift
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Figure 6-69.(a) Von Mises Stress (ksi) in the conventional 3-girder bridge model with nonlinear
connectors at 3.5% drift, (b) close up view at end cross frame
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Figure 6-70. Deformed shape of the conventional 4-girder bridge at 3.5% drift
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Figure 6-71. Close up view at the end cross frame of deformed shape of analytical model of the
conventional 4-girder bridge at 3.5% drift
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Figure 6-72. (a) Von Mises Stress (ksi) in the conventional 4-girder bridge model with nonlinear
connectors at 3.5% drift, (b) close up view at end cross frame
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Figure 6-73. Pushover curves for models with nonlinear connector properties

10\irZ\

(a) 3D Model (b) 10 in. Subassembly Model

Figure 6-74. Analytical models used to study system effects in the 2-girder bridge model
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Figure 6-75. Pushover curves for the 2-girder models
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Figure 6-76. Contribution from system effects to the response of the 2-girder model
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Figure 6-78. Contribution from system effects to the response of the 3-girder model
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Figure 6-80. Contribution from system effects to the response of the 4-girder model
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Figure 6-81. Comparison of the system effect in the 2, 3, and 4-girder bridge models

Figure 6-82. Twisting of girders between ends of the bridge and first intermediate cross frames
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Figure 6-83. System effects in 3-D analyses of steel late girder superstructures
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Figure 6-84. Twisting moment and rotation of the joint due to system effects
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Figure 6-85. Estimating the joint failure zone in bridges with ductile end cross frame
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Figure 6-87. Schematic view of conventional ductile end cross frame
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CHAPTER 7 ANALYSIS AND DESIGN PROCEDURES FOR
DUCTILE END CROSS FRAME

7.1. Introduction

It has been shown that ductile end cross frames can reduce the seismic base shear demand
on bridge substructures due to: 1) hysteretic response and 2) lengthening the natural

period of the bridge, which often leads to reduced seismic acceleration demand.

As part of this study, procedures for the analysis of bridges with ductile end cross frames

in steel bridge superstructures have been developed. A set of design charts have been
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developed that can be used for the design of ductile end cross frame members in single
span bridges. These charts were developed for various target displacement ductilities of 1

(elastic design), 2, 3, 4, 6, and 8.

For multiple span continuous bridges design charts would be cumbersome to use and a
simplified analysis procedure was developed. This procedure incorporates an iterative
algorithm based on an equivalent damping ratio and the Single-Mode Spectral Method
(AASHTO 2007). This procedure calculates with reasonable accuracy, the transverse
seismic force and displacement demands on all parts of a bridge (superstructure and
substructure), for any number of spans and different cross frame properties. The results of
this proposed design and analysis procedure show good agreement with the results of

nonlinear time history analysis.

7.2. Use of Equivalent Viscous Damping in Seismic Analysis

The use of Equivalent Viscous Damping ratios in approximate methods for seismic
design is widespread. (e.g. AASHTO Guide Specifications for Seismic Isolation Design,
1999). The basis of the method is to equate the energy that is absorbed per cycle in a
bilinear single degree of freedom hysteretic system to that of a linear single degree of
freedom system with viscous dashpots. The equivalent viscous damping ratio (B) is then

calculated as follows (Chopra 1995):

B=2Q,(d _dy)/”Keff d? (7-1)
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where d,, Q,, and k, are the yield displacement, characteristic strength, and post-yield
stiffness of the ductile system. K. is the effective stiffness of the ductile system at

displacement d .

Equation 7.1 may be used for hysteretic loops that can be represented by a simplified
bilinear curve. However, for hysteretic loops similar to ductile end cross frames, an
efficiency factor is applied to this equation (Pekcan et al, 1999 and Carden et al, 2006).
The efficiency factor is defined as the ratio of the actual area enclosed by the hysteresis
loop to that of the assumed perfect bilinear hysteresis. Typical values of the efficiency

factor range from 0.2 to 0.8.

Several methods for including the effect of the equivalent viscous damping on the
response of the hysteretic systems have been developed in the past. For example, two

different damping coefficients By and B, are used in FEMA 356 (FEMA 2000), based

on the equivalent viscous damping ratio (B). These damping factors modify the design
response acceleration parameters in the short and long period ranges, respectively. Since
most isolated bridges have long fundamental periods, the AASHTO Guide Specifications
for Seismic Isolation Design (AASHTO 1999) uses a single damping coefficient, B, as

given in Table 7-1.

Table 7-1. Damping Coefficient B (AASHTO 1999)

R 0 2 5 10 20 30 40 50
B 08 08 10 12 15 17 19 20
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The displacement of the hysteretic system is then obtained by dividing the displacement
demand from linear analysis by the damping coefficient B . It is noted that the damping

coefficient B as specified in AASHTO (1999) is similar to the B, values of FEMA 356.

Since bridges with ductile end cross frames have longer periods (after yielding of the end
cross frames) the procedure developed in this study uses a single coefficient B-factor.
Table 7-1 shows the B-factor this is used in this study which is similar to the Table in

AASHTO Guide Specifications for Base Isolation.

7.3. Development of General Displacement-Based Methodology

The displacement-based seismic analysis method proposed herein is an iterative process.
This is because the base shear and displacements depend on the natural period and
damping in the system and the period and damping of the system are in turn dependent on
the displacements. Therefore, the procedure begins by estimating an initial displacement
which is then iterated until convergence is reached for the final displacement of the
system. This Application is grouped into two major categories: single span bridges and

multi-span bridges. Each category is further divided into rigid and flexible substructures.

7.4. Single Span Bridges

A procedure was developed for the simplified seismic analysis and design of single-span

bridges with ductile end cross frames. The main assumptions in this method are:
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e The bridge may be modeled as a single degree of freedom system. In other
words, the transverse stiffness of the superstructure without the end cross
frames is essentially rigid.

e The nonlinear response of a ductile end cross frames can be idealized as a
bilinear curve

e The hysteretic damping effects of the nonlinear system can be represented by
equivalent viscous damping

e The seismic demand response spectrum curve for 5% critical damping is as
shown in Figure 7-1 and the curves corresponding to other damping ratios can
be derived from it using the damping factor (B).

e The displacement response spectrum is linearly proportional to the period of

the structure.

7.4.1.Rigid Substructures

An iterative procedure for calculating the displacement and total base shear force of a
single span bridge supported on rigid abutments was developed based on the procedure
for seismic isolation design of highway bridges as described in AASHTO Guide

Specifications for Seismic Isolation Design (AASHTO 1999).

A schematic view of a simplified three-dimensional model of a single span bridge on
rigid supports is shown in Figure 7-2(a). As explained in Chapter 6, the system stiffness

acts in parallel with the stiffness of the end cross frame. This is schematically shown in
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Figure 7-2(b). Figure 7-2 (c) shows the bilinear response of the ductile end cross frame at
the end of the bridge. This curve could be obtained by idealizing the pushover response
of a subassembly model of the bridge superstructure at the end cross frames. The

combined response of the end cross frame and the system effect is shown in Figure 7-2

(d).

The procedure involves estimating an initial displacement d at end cross frames of the
bridge. The effective stiffness of the end cross frame at displacement d is then
calculated from the following equation:

Ky =V /d = (Qq +Kyd)/d =Q,/d +K, (7-2)

where d,, Q, ,and k, are the yield displacement, characteristic strength, and post-yield
stiffness of the ductile system. K is the effective stiffness of the ductile system. Q,

can be written in terms of initial (elastic) stiffness of the end cross frames:
Qs =V, —K,d, =K, -K,d, =(K; -K,)d, (7-3)
The effective period of the bridge T, is based on the effective stiffness and the tributary

weight of the bridge superstructure at the end cross frame (W ). It may be calculated from

T = 271 \W/K g (7-4)
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The equivalent viscous damping ratio (B) is then calculated using Equation 7.1 and the
damping coefficient Bis obtained from Table 7-1. The transverse displacement of the

bridge superstructure is then calculated from the following equation:

d=22g (7-5)
where g is gravity and:
S, T2
sp =0z Sa Salw (7-6)

where Sa is the spectral acceleration at Teg, determined from the Acceleration Response
Spectrum (ARS) as defined in Caltrans SDC.
The iterative procedure as follows:

1) Assume value for d

2) Calculate K, T, B ,and B

3) Calculate value for d = SED

4) Compare value for d from (3) with that in (1). If within acceptable tolerance,
go to (5), otherwise repeat from (2) with revised value for d until
convergence obtained.

5) Support end shear force is V = K, d
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7.4.2 Flexible Substructures

A single span bridge superstructure supported by single or multi column bents at both
ends or by elastomeric bearings on abutment seats is considered to be supported on
flexible substructures. The schematic view of a single span bridge with flexible
substructure is as shown in Figure 7-3(a) and (c). The lateral load path can be visualized
as combination of linear and nonlinear springs as shown in Figure 7-3 (b). Figure 7-3 (d)
shows the bilinear response of the ductile end cross frame at the end of the bridge. The
lateral response curve of the superstructure is constructed by adding the system effects
stiffness to the end cross frame response as shown in Figure 7-3(e). The total response of
the bridge with flexible substructure is shown in Figure 7-3(f). In this plot the equivalent

stiffness of the system of springs, as shown in Figure 7-3(b), is taken into account.

The iterative procedure for calculating the displacement and total base shear force of a
single span bridge supported on flexible abutments involves an initial estimation of the
total lateral displacement (d). The total lateral displacement is the sum of the

superstructure displacement (d , ) and substructure displacement (d,, ) as follows:
d=dg+dg, (7-7)
The superstructure displacement in terms of the total displacement and other known

parameters can be written as:
dss = (Ksubd - Qd )/(Kd + Ksub) (7'8)
Based on Figure 7-3(b) the lateral stiffness at one end of the bridge at displacement (d )

is:
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Keff = (Keﬁ_ssKsub/(Keﬁ _ss + Ksub) (7-9)
where the effective stiffness of the superstructure, which is dependent on displacement of

the superstructure (d,) is given by:

Keff _ss = Qd /dss + Kd (7'10)

where Q, can be expressed as:
Q =V, -Kyd, =Kid, -K,d, =(K; -K,)d, (7-11)
To calculate the effective period of the bridge, the lateral effective stiffness and tributary

superstructure’s weight at one end of the bridge (W) can be used in the following

equation:

T = 27T \W/K g (7-12)

The parameters of the combined system as shown in Figure 7-3(e) can be expressed as

follows:
K, = (KK, /(K +K,) (7-13)
The yield displacement of the combined system is:
d, =V, /K, (7-14)
The post-yield stiffness of the combined system may be written as:
Ke=(V-V,/(d-d,) (7-15)
The characteristic strength of the combined system may be expressed as:

Qy =(v,d -Vd,)/(d -d,) (7-16)
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The equivalent viscous damping ratio () is then calculated as follows:
B =2Qu(d -d,)/K d* (7-17)
Next the damping coefficient Bis obtained from Table 7-1 and the new transverse

displacement of the bridge superstructure is calculated:

S
d==t 7-18
B g ( )

Where SD can be determined as defined in equation 7-6. An iterative procedure similar to
that given in Section 7.4.1 is then followed to obtain the final solution for the
displacement d . Convergence is reached when the difference between the new and initial
value of the displacement is within acceptable tolerance. Otherwise the procedure is

repeated with value of the new displacement used as the initial displacement.

The support shear force at each end of the bridge may be calculated from

V =K,d (7-19)

7.4.3.Development of Design Charts for Single Span Bridges

Extensive iterative parametric analyses were performed to develop the design charts
shown in Error! Reference source not found. and Figure 7-5. These charts are for
single span bridges supported on flexible substructures. The charts take into account the
lengthening of the period of the bridge as yield occurs in the cross frames by using the
effective stiffness of the superstructure calculated from the displacement of the bridge.

The following simplifying assumptions are made in developing these charts:
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e Soil profile type B (i.e. rock site)
e The values for B and Sa are linearly interpolated for more accurate values.

 Yield displacement of ductile end cross frame (d, ) is 0.2 in.

e The post-yield slope of the combined pushover response of the end cross frame

(K, ) and the system effect is negligible (K, ); therefore K, = 0.

The displacement ductility of the end cross frames is defined as the ratio of maximum

displacement to its yield displacement.

p=Ss (7-20)

For various displacement ductilities (), the design charts determine the ratio of the
required ductile end cross frame lateral yield force (V,) to the tributary weight of the

superstructure per end cross frame (W ). These charts are developed for several stiffness

ratios of superstructure to substructure (a = K /K, ) which range from 0.01 for rigid

substructures to 10 for flexible substructures. The effects of elastic stiffness of end cross
frames, lengthening of period of the bridge, and subsequent adjustment of response

spectrum acceleration are included in these charts.

The developed design charts show that in single span bridges, for a given site
acceleration coefficient (A), the more flexible substructure requires lower lateral yield

force capacity in the end cross frames to achieve the specified displacement ductility.
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For non-seismic loads, the design of the end cross frame members is usually governed by
design wind loads. The end cross frames will need to resist the design wind loads
elastically. Therefore, the size of the end cross frame bracing members cannot be less
than the minimum stiffness and strength required by wind loads. The proposed design
charts can be used to check the effectiveness of using a ductile end cross frame seismic
design option for a bridge superstructure. In other words, for a given bridge
configuration, the minimum bracing requirement for an end cross frame may prove to be

too strong that would allow only limited or no inelastic behavior () for a given site

acceleration coefficient (A) and substructure flexibility (a ).

7.4.4.Example

In order to illustrate the design procedure using the charts developed in this study a single
span three girder bridge 110 ft long is considered. The bridge has a total superstructure
weight of 562 kips and the site acceleration coefficient of 0.7g and soil profile type B.
The girders are 80 in. high and spaced at 12ft. Assuming a yield displacement of 0.2 in.
and ignoring the post-yield stiffness of the lateral response of the bridge superstructure.
The ratio of elastic stiffness of superstructure to substructure is 5.0. For illustration
purposes, the superstructure ductile end cross frames were allowed to undergo a

maximum of 2% drift.

The maximum lateral displacement of the cross frames can be calculated as:

d =2%h =0.02[80in. =1.6in. (7-21)
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therefore the, required displacement ductility is:
U=—="—"—=8 (7-22)

The design chart for an acceleration coefficient of 0.7g can be used as shown in Figure
7-7. For o of 5 and displacement ductility of 8 the required ratio of the yield strength of

the end cross frame and tributary weight at the cross frames of 0.87 is obtained.

The required yield strength of the end cross frame is calculated as:
V, =0.87 W = 0.87 62:"05 = 244.5kips (7-23)

For a X-bracing configuration at the cross frame, the angle of inclination of the braces
are:

80|_n. ) = 29°
144in.

8 = tan™( (7-24)

A direct solution for the required cross sectional area of the braces can be obtained by
ignoring the contribution from residual compressive strength of the buckled braces. The
lateral strength of the end cross frame is calculated as:

V, =n[P, [¢os(0) (7-25)
where n is the number of the bays of the ductile end cross frames at the support and P, is
the expected axial yield force in the brace.

V, =n[P, [¢os(d) = n[A,, [R, [F, [os(F) (7-26)
therefore, The required cross sectional area of the cross frame braces (A, ) is obtained

from:
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\Y
Areq = ’ (7'27)
n[R, [F, [¢os(0)

In this example the bridge has three girders therefore there are two bays of X-braced end

cross frames at each support. Assuming ASTM A572 steel with yield strength of 50ksi

and R, factor of 1.1 the required area of the X-braces are determined as follows:

244.5Kips

A = : = 2.54in? (7-28)
2 [1.1[50ksi [¢0s(29°)

A single angle L3-1/2x3-1/2x7/16that satisfies the slenderness ratios of AISC Seismic

Provisions (AISC 2005) and provides an area of 2.87 in’ may be selected.

7.5. Multi-span Bridges

A new procedure was developed for the seismic analysis of multi-span bridges with
ductile end cross frames. The main assumptions in this method are:
e Dynamic response is dominated by a single transverse mode (modal mass
participating ratio greater than 90%)
e The Single-Mode Spectral Method can be used for the analysis
e The nonlinear response of ductile end cross frames can be idealized as a
bilinear curve
e The hysteretic damping effects of the nonlinear system can be characterized

by an equivalent viscous damping and linear springs
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e The seismic demand response spectrum curve for 5% critical damping is as
shown in Figure 7-1 and the curves corresponding to other damping ratios can
be derived from it using the damping factor (B).

e The distributed transverse seismic load on the superstructure is scaled by the

corresponding damping factors (B) at each support.

The main difference between the response of the single span and multi-span bridges lies
in the structural behavior of the interconnecting members. The ductile support cross
frames in multi-span bridges cannot freely take on a deformed shape as they are
restrained by the in-plane flexural stiffness of the superstructure. In order to achieve
compatibility of deformations across the length of the bridge, the superstructure

redistributes the seismic forces between supports.

The lateral response and load path of a multi-span bridge at a support can be modeled as
the shown in Figure 7-8 and Figure 7-9. These figures show that the lateral in-plane

bending stiffness (K ) of the superstructure redistributes the lateral force (F,) among

bridge;
different bents. This means that the lateral response of a particular bent in a multi-span
bridge is dependent on the lateral response of the other bents in the structure, since they

are all inter-connected by the superstructure.

An iterative procedure based on Single-Mode Spectral Method was developed to analyze
the nonlinear response parameters of multi-span bridges with ductile end cross frames.

This method was implemented in a Mathcad program and used to obtain numerical
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solutions. The procedure can be used for any number of spans. The properties of the
ductile end cross frame can vary among the supports. Any elastic substructure stiffness
value can be specified for abutments and bents. The program also performs a linear
elastic solution based on the Single-Mode Spectral Method, using linear stiffness
properties of the end cross frames. The calculation steps are similar to the nonlinear

procedure, except it is not iterative.

Figure 7-10(a) shows an elevation view of a multi-span bridge and the parameters used in
developing the proposed analysis procedure. In plan the superstructure can be visualized
as a long beam supported laterally at discrete points. The transverse dynamic degrees of
freedom of the superstructure are at the locations of substructures and identified as U,
through U, and shown in Figure 7-10(b). The substructure elements are assumed to
behave linearly under lateral seismic loadings. The procedure determines the substructure
reactions and the total transverse displacement profile of the bridge superstructure at the

degrees of freedoms U, through U, . Based on these values, the displacement of the end

cross frames and the elastic displacement at the substructures can then be calculated.

It should be noted that although this method calculates the response parameters of the
bridge at discrete points (substructure locations), the superstructure mass is not
discretized. The inertial forces on the superstructure are captured using the Single-Mode
Spectral Method and applied directly to the superstructure as a linearly varying lateral

load on each span.
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The program generates the ground motion response spectrum using the acceleration
coefficient (A) and the parameters shown in Figure 7-1. The transverse cross section of
the superstructure is assumed constant along the length of the bridge. The number of
spans is required along with the elastic flexural stiffness property (EI) for the entire cross
section of the superstructure about a vertical axis, and its weight per unit length. Next, the
support cross frames’ nonlinear properties in terms of yield displacement, yield force and
post yield stiffness are required. Finally, the program takes as input the elastic

substructure stiffness at all supports. The supports are numbered from left to right.

Although Figure 7-8 and Figure 7-9 show the elastic stiffness of the bridge superstructure

as a single linear spring (K ), itis in fact a set of coupled springs assembled from 4x4

bridge;

stiffness matrices of each span(K,.,., )-

Assuming the in-plane degrees of freedom shown in Figure 7-12, the stiffness matrix of

each span in the superstructure ( K,,,.,) is given by:

[ 12EI 6EI  12El  6El ]
E EEENE E
6El  4El _6El  2EI
_| 12 L L2 L B
Keen =| 12E1  6EI 12EI  6El (7-29)
T T
6El 2Bl _6El  4E
E L E L |

where, El is the flexural rigidity of the superstructures and L is the span length between

bents.
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Subsequently, the stiffness matrix for the entire superstructure (K, ....) is assembled by

bridge

direct addition of the stiffness matrices for the individual spans.

Since the cross frames are nonlinear, the procedure uses an iterative solution. An initial

vector of displacements in the cross frames (D, ) is estimated and the effective stiffness

of the frames calculated using the displacements. The effective stiffness of each support

can then be expressed as:

Keff _ sup port = (Keff _ decf Ksub/(Keff _ decf + Ksub) (7'30)

The total stiffness matrix of the bridge is then assembled by adding the support stiffness
coefficients (K o) t0 the corresponding diagonal values in the total superstructure
stiffness matrix (K. )-

In order to determine the lateral seismic load distribution the Single-Mode Spectral
Method (AASHTO 2006) is used. The vector of transverse displacements of the bridge

(v) due to an arbitrary uniform transverse load ( P,) is calculated is calculated using the

total stiffness matrix of the bridge. A major feature of this method is that the calculation
of the displacement vector (v) is based on a stiffness matrix that is developed from a

revised displacement vector (D, ) at every iteration cycle.

The period of the bridge is calculated from (AASHTO 2006):

T=21 |71 (7-31)
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where:
a=Ju,ogdx=y bl - x) (7-32)
£ = Jweow, ok =y el i ) (7-33)
p = [woov2 0o 2w, W) () (7-34)

where in AASHTO formulation w(x)is the dead load of the bridge per unit length and

v, (x) is the deformation corresponding to P, .

The lateral seismic load ordinate vector adjusted to include the equivalent damping is

expressed as P, :

p=P Wi, (7-35)
y B

The reduction of the lateral seismic demand due to hysteretic damping in the cross frames

using damping factors ( B;) is another important feature of this procedure. These factors
are based on equivalent viscous damping ratios (5,) calculated for the ductile end cross
frames at displacement (D ). Figure 7-11 shows the lateral seismic force distribution

and the P, ordinates.

The consistent nodal loads are used to lump the lateral seismic load of each span at its

end nodes. The lateral seismic load distribution on the superstructure is estimated to vary
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linearly between adjacent nodes as shown in Figure 7-11. The consistent nodal load

vector {I'} is calculated from the following equation:

{r}= [INJrai) i (7-36)

where q(x) is the linear load function on a span and the vector of shape functions N (x)

is defined in Figure 7-12 and shown below:

N(X) = g L L2 (7-37)

The shape functions are cubic curve-fitted to ordinates and slopes at both ends of a beam

element with length of L.

Now that the total stiffness matrix and the nodal loads are established (I"), the nodal
displacement vector (D) and substructure lateral reaction force vector (R) can be
calculated. The elastic displacement at each substructure can then be computed from:

Ri
Dsubi = K_ (7'38)

sub;

The ductile end cross frame displacement vector ( D, ) can be calculated from:

Ddecf = D - D (7'39)

sub

This value should be compared with the initial displacement vector assumed at the

beginning of the procedure. If the difference is within tolerance, the solution has
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converged, otherwise, the procedure is repeated with the revised cross frame

displacement vector ( D, ) as the initial vector.

7.5.1.Verification of the Results from the Proposed Procedure

In order to verify the proposed procedure its results were compared against values
obtained from a series of nonlinear time history analyses. Since the procedure uses a
design spectrum, spectrum-compatible time histories were needed for the nonlinear

analyses.

Three synthetic time histories were generated based on the specified target ground
acceleration response spectrum (PGA=0.84g) using the SIMQKE (Gasparini 1976)
computer program. Figure 7-13 shows the time histories of the synthetic ground motions.
Figure 7-14 shows the response spectrum curves of the generated time histories and the
specified target response spectrum curve. The average of the response parameters
obtained from the three time histories (for linear and nonlinear analyses) were compared

with the results from the proposed procedure.

Table 7-2. Substructure stiffness of different models used in verification of results
Transverse Stiffness (kips/in)

Model Abutment 1 Bent 1 Bent 2 Abutment 4
1 1,000,000 1,000 1,000 1,000,000
2 1,000 1,000 1,000 1,000

3 500 500 500 500
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The example bridge used in this verification was a five-girder three-span prototype bridge
that was designed by Caltrans (Caltrans 2007) and described in Chapter 3. The three-span
bridge has span lengths of 110 ft, 165 ft, and 110 ft. Three different substructure stiffness
configurations were considered for the purpose of this verification as shown in Table 7-2.
The ductile end cross frames were similar at all four supports and had the following
properties (L4x4x1/2); yield strength of 500 kips, yield displacement of 0.13 in. and post-
yield stiffness of 100 kips/in. The elastic stiffness of the ductile end cross frames was
3850 kips/in. The ratios (o) of each elastic end cross frame stiffness to the transverse
substructure stiffness at each substructure location are shown in Table 7-3. The in-plane
flexural rigidity of the deck was 6.5x10° kips-ft> and weight of the superstructure was

8.85 kips/ft.

Table 7-3. a ratios at each support for the models used in the verification
Ratio of End Cross Frame Stiffness to Substructure Stiffness (o)

Model Abutment 1 Bent 1 Bent 2 Abutment 4
1 0.0 3.9 3.9 0.0
2 3.9 3.9 3.9 3.9
3 7.7 7.7 7.7 7.7

The results are shown in Table 7-4, Table 7-5, and Table 7-6 for each model. The tables
present the results of nonlinear and linear time history analyses with three synthetic
ground records as well as response spectrum analysis of the target spectrum using

SAP2000. Also shown in the tables are the nonlinear and linear results from the proposed
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procedure. The percentage difference between the average time history values and those

of the proposed procedure are also shown.

The following response parameters were compared for each model:
e Total displacement at the deck level
e Ductile end cross frame displacement
e Substructure displacement

e Substructure reactions

Table 7-4 and Figure 7-15 show the analytical results performed on Model 1. In Model 1
the abutments are rigid. In this model both the total displacements and the displacement
of the end cross frames calculated from the proposed linear procedure are lower than the
results from linear time history analysis by as much as 17% at the abutments, and 8% at
the bents. Furthermore, the proposed linear procedure underestimates the substructure
displacement at the bents by 8%, while correctly estimating the rigid abutment
displacements at zero. Moreover, the substructure reactions from the linear procedure are
lower by 15% and 9% from the linear time history results at the abutment and bent
locations, respectively. The proposed linear procedure estimates the period of the first

transverse at 0.35 seconds. This is only 3% lower from the analytical model result.

In Model 1, both the total displacements and the displacement of the end cross frames
calculated from the proposed nonlinear procedure differ from the results from nonlinear

time history analysis by as much as 25% at the abutments and 21% over the bents.
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Furthermore, the proposed nonlinear procedure overestimates the substructure
displacement at the bents by only 5%, while accurately estimating the rigid abutment
displacements at zero. The substructure reactions from the nonlinear procedure are higher

by only 4% and 5% at the abutment and bent locations, respectively.

Table 7-5 and Figure 7-16 present the analytical results performed on Model 2. In Model
2 all substructure stiffnesses are equal to 1000 Kips/in. In this model both the total
displacements and the displacement of the end cross frames calculated from the proposed
linear procedure are higher than the results from linear time history analysis by only 5%
at the abutments, and 3% over the bents. Furthermore, the proposed linear procedure
underestimates the substructure displacement at the bents by only 3%, while
overestimating the displacements at abutment by 5%. Moreover, the all substructure
reactions from the linear procedure are within 5% of the linear time history results. The
proposed linear procedure estimates the period of the first transverse at 0.37 seconds.

This is only 1% lower from the analytical model result.

In Model 2, both the total displacements calculated from the proposed nonlinear
procedure differ from the results from nonlinear time history analysis by as much as 19%
at the abutments and only 3% over the bents. Similar pattern is observed for the
displacement of ductile end cross frames. The displacement of the end cross frames
calculated from the proposed nonlinear procedure differ from the results from nonlinear

time history analysis by as much as 32% at the abutments, but only 4% at the bents. The
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proposed nonlinear procedure accurately estimates the substructure displacements and

reactions by within 4% of the nonlinear time history results.

Table 7-6 and Figure 7-17 present the analytical results performed on Model 3. In Model
3 all substructure stiffnesses are equal to 500 Kips/in. In this model all response
parameters including the total displacements, displacement of the end cross frames,
substructure displacement, and substructure reactions calculated from the proposed linear
procedure are within 4% of the results from linear time history analysis. The proposed
linear procedure estimates the period of the first transverse at 0.47 seconds. This is only

2% lower from the analytical model result.

In Model 3, both the total displacements calculated from the proposed nonlinear
procedure differ from the results from nonlinear time history analysis by as much as 8%
at the abutments and 11% over the bents. The displacement of the end cross frames
calculated from the proposed nonlinear procedure differ from the results from nonlinear
time history analysis by as much as 18% at the abutments and the bents. The proposed
nonlinear procedure accurately estimates the substructure displacements and reactions by

within 4% of the nonlinear time history results.

7.5.2.Discussion of the Results from Nonlinear Time History Analyses

The results from nonlinear and linear time history analysis for Models 1, 2 and 3 are

shown in Table 7-7. This table shows effect of ductile end cross frames and in-plane
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stiffness of the superstructure in distributing lateral seismic force among supports. For
example in Model 3, the linear time history results show shear forces of 1039 kips and
1889 kips at abutment and bent, respectively. The results from nonlinear time history
analysis on this model with ductile end cross frames show forces 561 kips and 664 kips

at abutment and bent, respectively.

The ductile end cross frame properties are similar in all the models. The efficiency of the
ductile end cross frames in terms of reduction of base compared to linear results and
displacement ductilities are shown in Table 7-8. Comparison of response of Model 2 and
3 indicates that as the flexibility of the substructure compared to the superstructure
increased from 3.9 to 7.7 (a increased) the total seismic base shear on the entire bridge
decreased from 64% to 58% and their displacement ductilities at the bents drop from 13.3
to 12.6. This table also shows that when all substructure element have similar stiffness,
the displacement demand on the cross frames at bents are proportional to the tributary

weight on the bent.

The difference in the response at the abutments between the proposed method and the 3-
D finite element analysis is attributed to the participation of higher modes in the dynamic
response of the bridge. The proposed procedure is based on single mode spectral method.
In order to achieve good correlation between the proposed method and time history result
the mass participation of the first mode needs to be more than 90%. The results show that
as the flexibility of substructure increases (o increases) the bridge displaces

predominantly in the first mode of vibration, and the agreement between the nonlinear
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time history results and the proposed procedure improves. The in-plane stiffness of the
superstructure plays a major part in distributing the lateral seismic forces among

supporting members



Table 7-4. Summary of response from the proposed procedure and linear/nonlinear time history analyses (a=0 at abutments, ¢=3.9 at bents) for Model 1

SAP2000 Results

Proposed Procedure

Nonlinear Time History Results Linear Time History Results Resp. Spec. Nonlinear Linear

S-01 S-02 S-03 Average S-01 S-02 S-03 Average Target RS Nonlinear Diff. Linear Diff.
Abut 1 1.21 0.96 0.89 1.02 0.29 0.28 0.30 0.29 0.28 127  25% 024 1%
Total Bent 2 2.37 2.22 1.86 2.15 2.64 2.59 2.65 2.63 2.60 250 16% 241 8%
Displacement (in.) Bent 3 2.37 2.22 1.86 2.15 2.64 2.59 2.65 2.63 2.60 250 16% 243 ™%
Abut 4 1.21 0.96 0.89 1.02 0.29 0.28 0.30 0.29 0.28 127  25% 0.25 14%
: Abut 1 1.21 0.96 0.89 1.02 0.29 0.28 0.30 0.29 0.28 127 25% 024 1%
E;‘:]';e End Cross gent 2 171 158 125 151 054 053 054 054 053 183 21% 050 7%
Displacement (in.) Bent 3 1.71 1.58 1.25 151 0.54 0.53 0.54 0.54 0.53 183 21% 050 7%
7 Abut 4 1.21 0.96 0.89 1.02 0.29 0.28 0.30 0.29 0.28 1.27  25% 0.25 14%
Abut 1 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0% 0.00 0%
Substructure Bent 2 0.66 0.64 0.61 0.64 2.10 2.06 211 2.09 2.07 0.67 5% 1.93 8%
Displacement (in.) Bent 3 0.66 0.64 0.61 0.64 2.10 2.06 211 2.09 2.07 0.67 5% 1.93 8%
Abut 4 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0% 0.00 0%
Abut 1 607.44 583.20 576.50 589.05 1094.80 1058.00 1132.20 1095.00 1078.60 613.90 4% 936.00 15%
Substructure Bent 2 658.30 645.00 611.50 638.27 2098.80 2056.20 2105.90 2086.97 2066.70 669.90 5%  1909.20 9%
Reactions (kips) Bent 3 658.30 645.00 611.50 638.27 2098.80 2056.20 2105.90 2086.97 2066.70 669.90 5% 1909.20 9%
Abut 4 607.44 583.20 576.50 589.05 1094.80 1058.00 1132.20 1095.00 1078.60 613.90 4% 936.00 15%

Total Base Shear
(kips) 2567.50 0%  5690.40 0%
T (sec) 0.36 0.55 0% 035 3%

147



Table 7-5. Summary of response from the proposed procedure and linear/nonlinear time history analyses (¢=3.9 at abutments and bents) for Model 2

SAP2000 Results

Proposed Procedure

Nonlinear Time History Results Linear Time History Results Resp. Spec. Nonlinear Linear

S-01 S-02 S-03 Average S-01 S-02 S-03 Average Target RS Nonlinear Diff. Linear Diff.
Abut 1 1.29 1.13 1.32 1.25 1.26 1.20 121 1.22 1.24 148 19% 1.28 5%
Total Bent 2 2.53 251 2.53 2.52 3.08 3.00 3.02 3.03 3.00 259 3% 295 3%
Displacement (in.) Bent 3 2.53 2.51 2.53 2.52 3.08 3.00 3.02 3.03 3.00 259 3% 295 3%
Abut 4 1.29 1.13 1.32 1.25 1.26 1.20 1.21 1.22 1.24 148 19% 128 5%
: Abut 1 0.73 0.58 0.76 0.69 0.26 0.25 0.25 0.25 0.25 091 32% 026 3%
E;‘;:;e End Cross gont 2 186 184 186 185 063 062 063 0.3 0.62 192 4% 061 3%
Displacement (in.) Bent 3 1.86 1.84 1.86 1.85 0.63 0.62 0.63 0.63 0.62 192 4% 061 3%
7 Abut 4 0.73 0.58 0.76 0.69 0.26 0.25 0.25 0.25 0.25 0.91 32% 0.26 3%
Abut 1 0.56 0.55 0.56 0.56 1.00 0.95 0.96 0.97 0.99 0.58 4% 1.02 5%
Substructure Bent 2 0.67 0.67 0.67 0.67 2.45 2.38 2.39 241 2.38 0.68 1% 2.34 3%
Displacement (in.) Bent 3 0.67 0.67 0.67 0.67 2.45 2.38 2.39 241 2.38 0.68 1% 2.34 3%
Abut 4 0.56 0.55 0.56 0.56 1.00 0.95 0.96 0.97 0.99 0.58 4% 1.02 5%
Abut 1 559.60 545.20 562.60 555.80 1001.90 953.00 960.50 971.80 987.80 577.70 4% 1016.00 5%
Substructure Bent 2 672.50 670.80 672.30 671.87 244570 2382.40 239350 2407.20 2380.80 678.60 1%  2342.90 3%
Reactions (kips) Bent 3 672.50 670.80 672.30 671.87 244570 238240 239350 2407.20 2380.80 678.60 1%  2342.90 3%
Abut 4 559.60 545.20 562.60 555.80 1001.90 953.00 960.50 971.80 987.80 577.70 4% 1016.00 5%

Total Base Shear
(kips) 251270 0%  6717.70 0%
T (sec) 0.38 0.57 0% 037 1%

Lvy



Table 7-6. Summary of response from the proposed procedure and linear/nonlinear time history analyses (e=7.7 at abutments and bents) for Model 3

SAP2000 Results

Proposed Procedure

Nonlinear Time History Results Linear Time History Results Resp. Spec. Nonlinear Linear

S-01 S-02 S-03 Average S-01 S-02 S-03 Average Target RS Nonlinear Diff. Linear Diff.
Abut 1 1.83 2.22 1.54 1.86 2.44 2.19 242 2.35 241 1.71 8% 2.40 2%
Total Bent 2 3.19 3.32 2.76 3.09 4.40 4.08 4.32 4.27 4.32 274 11% 419 2%
Displacement (in.) Bent 3 3.19 3.32 2.76 3.09 4.40 4.08 4.32 4.27 4.32 274 11% 419 2%
Abut 4 1.83 2.22 1.54 1.86 2.44 2.19 242 2.35 241 171 8% 240 2%
: Abut 1 0.71 1.04 0.47 0.74 0.28 0.25 0.28 0.27 0.27 0.61 18% 0.28 4%
E;‘;:;e End Cross gent 2 185 195 149 176 050 047 049 0.9 0.49 147 17% 048 1%
Displacement (in.) Bent 3 1.85 1.95 1.49 1.76 0.50 0.47 0.49 0.49 0.49 147 17% 048 1%
Abut 4 0.71 1.04 0.47 0.74 0.28 0.25 0.28 0.27 0.27 0.61 18% 0.28 4%
Abut 1 1.12 1.18 1.07 1.12 2.16 1.94 214 2.08 2.14 1.10 2% 2.17 4%
Substructure Bent 2 1.34 1.37 1.27 1.33 3.90 3.61 3.83 3.78 3.83 1.27 4% 3.71 2%
Displacement (in.) Bent 3 1.34 1.37 1.27 1.33 3.90 3.61 3.83 3.78 3.83 127 4% 3.71 2%
Abut 4 1.12 1.18 1.07 1.12 2.16 1.94 2.14 2.08 2.14 1.10 2% 2.17 4%
Abut 1 558.70 591.00 534.50 561.40 1077.90 968.80 1070.50 1039.07 1068.10 548.10 2% 1060.70 2%
Substructure Bent 2 671.90 682.90 635.60 663.47 1947.60 1804.50 191350 1888.53 1912.90 633.70 4%  1854.40 2%
Reactions (kips) Bent 3 671.90 682.90 635.60 663.47 1947.60 180450 191350 1888.53 1912.90 633.70 4% 1854.40 2%
Abut 4 558.70 591.00 534.50 561.40 1077.90 968.80 1070.50 1039.07 1068.10 548.10 2% 1060.70 2%

Total Base Shear
(kips) 2363.70 0%  5830.10 0%
T (sec) 0.48 0.60 0% 047 2%

3147



Table 7-7. Comparison of result from linear and nonlinear time history analyses

Averaged Time History Results

Model 1 Model 2 Model 3
Ductile End Linear End Ductile End Linear End Ductile End Linear End
Cross Frames  Cross Frames Cross Frames  Cross Frames Cross Frames  Cross Frames
Abut 1 1.02 0.29 1.25 1.22 1.86 2.35
Total Displacement (in.) Bent 2 2.15 2.63 2.52 3.03 3.09 4.27
Bent 3 2.15 2.63 2.52 3.03 3.09 4.27
Abut 4 1.02 0.29 1.25 1.22 1.86 2.35
. Abut 1 1.02 0.29 0.69 0.25 0.74 0.27
Er‘;%:';eDEiSSI;?;Zm Bent 2 151 0.54 1.85 0.63 176 0.49
(in) Bent 3 151 0.54 1.85 0.63 1.76 0.49
) Abut 4 1.02 0.29 0.69 0.25 0.74 0.27
Abut 1 0.00 0.00 0.56 0.97 1.12 2.08
Substructure Bent 2 0.64 2.09 0.67 241 1.33 3.78
Displacement (in.) Bent 3 0.64 2.09 0.67 241 1.33 3.78
Abut 4 0.00 0.00 0.56 0.97 1.12 2.08
Abut 1 589.0 1095.0 555.8 971.8 561.4 1039.1
Substructure Reactions Bent 2 638.3 2087.0 671.9 2407.2 663.5 1888.5
(Kips) Bent 3 638.3 2087.0 671.9 2407.2 663.5 1888.5
Abut 4 589.0 1095.0 555.8 971.8 561.4 1039.1
Total Base Shear (Kips) 2454.6 6363.9 2455.3 6758.0 2449.7 5855.2

(614%



Table 7-8. Efficiency of ductile end cross frames in Models 1, 2, and 3

Abut 1
Bent 2
Bent 3
Abut 4

Total Base Shear
Reduction

Averaged Nonlinear Time History Results

Model 1 Model 2 Model 3
a=0 at Abutments and 0=3.9 at Bents «=3.9 at Abutments and Bents 0=7.7 at Abutments and Bents
Reduction in Displacement Reduction in Displacement Reduction in Displacement
Base Shear Ductility Base Shear Ductility Base Shear Ductility
46% 6.8 43% 4.3 46% 4.7
69% 10.6 2% 13.3 65% 12.6
69% 10.6 2% 13.3 65% 12.6
46% 6.8 43% 4.3 46% 4.7
61% 64% 58%

oSy
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7.6. Guidelines for the Analysis of Ductile End Cross Frames

The analysis methodology and charts developed in this study indicate that the seismic
designs of ductile end cross frames in steel girder bridges depend on many factors such
as:

= Site condition including acceleration coefficient A

= Ratio of superstructure to substructure stiffness

e Required displacement ductility or maximum drift

e Weight of the superstructure

e Post-yield stiffness of the ductile end cross frames and system contribution

Efficiency of the ductile end cross frames design may be measured by the amount of
seismic energy dissipated through hysteretic damping that is dependent on displacement
or by the reduction in the seismic base shear. Figure 7-18 shows that for a given ductile
end cross frame yield strength as the flexibility of the substructure increase (a increases)
the displacement ductility in the cross frames decreases. For example for a given site
acceleration coefficient of 0.7g and ductile end cross frames strength of 0.7W Figure
7-18 shows that at a = 0.5 the ductile end cross frame will have a displacement ductility

of 8, while at a =10 the displacement ductility is only 2.

Figure 7-19 shows that for a given site acceleration coefficient and substructure
flexibility as the displacement ductility increases the required strength of the cross

frames (and subsequently seismic base shear) decreases due to higher energy dissipation.
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For example, for Site acceleration of 0.7g and a = 4 the seismic base shear is 0.45W for a
displacement ductility equal to 8 while the base shear is twice as much (0.9W) with a

displacement ductility equal to 3.
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Figure 7-1. Design response spectrum according to AASHTO 2006
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Figure 7-4. Caltrans SDC Acceleration Response Spectrum

Figure 7-5. Single span design chart for acceleration coefficient of 0.5¢g
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Figure 7-6. Single span design chart for acceleration coefficient of 0.7g

Figure 7-7. Design example based on acceleration coefficient chart
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Figure 7-8. Schematic view of bent i in a multi-span bridge with ductile end cross frame i
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Figure 7-10. Terminology used in the proposed procedure
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PLAN

Figure 7-11. Lateral seismic load distribution on superstructure
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Figure 7-12. Shape functions of FRAME element
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Figure 7-13. Synthetic time histories used for verification of results from the simplified procedure
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Figure 7-15. Comparison of response from the proposed procedure and linear/nonlinear time history

analyses for Model 1
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Figure 7-16. Comparison of response from the proposed procedure and linear/nonlinear time history
analyses for Model 2
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Figure 7-17. Comparison of response from the proposed procedure and linear/nonlinear time history

analyses for Model 3
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CHAPTER 8 SuMMARY AND CONCLUSIONS

8.1. Summary

The damage observed in past earthquakes in structural components of steel bridge
superstructures are not limited to the end cross frames. The steel girders, shear connectors

and concrete deck also experience damage especially near the supports.

An ideal seismic design of steel girder superstructure using ductile end cross frames

involves having a low post-yield stiffness superstructure (leading to low base shears) and
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limiting the damage to the superstructure to merely the end cross frame bracing members
that are easily replaceable. However, analytical and experimental investigations carried
out and discussed here as part of this dissertation show that the system effects increases
the post-yield stiffness of the superstructure as a whole specifically for narrow bridges.
The deck, steel girders components, deck to girder studded connections, and intermediate
cross frames interact to form a complex torsionally stiff structural system, called the
system effects. The system effects response could behave nonlinearly depending on the

limit states of the participating components.

When rows of two or more shear connectors are placed over the steel girders, a moment
connection is formed between the deck and the girder that resists the relative lateral
displacements between top and bottom flange of the girder at any transverse cross section
in bridge superstructures. This moment connection develops a force couple in the shear
connectors over each girder. Consequently, these shear connectors will undergo axial and
shear forces once the ductile end cross frames displace laterally and girders start to twist

at the ends of the bridge.

It was shown analytically that the shear connectors will fail in tension before their
ultimate shear capacities are developed. A mathematical model based on truss analogy
was developed for modeling nonlinear response of shear connectors under shear and axial
forces. Also an approximate method was developed in this report to estimate the failure

zone distance over which the shear connectors over top flanges will get damaged at a
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given drift. A method was developed and discussed for estimating the system effects

contribution to the lateral base shear.

The experimental investigations determined the lateral cyclic performance of five three-
girder one-half scale end cross frame subassembly models with various shear connector
details. Although the contribution from the system effects was not captured in the
experiments on subassembly models, the experiments provided insight into the lateral
force flow, limit states of individual components, and overall stiffness and strength of end
cross frames with various details. Experimental investigations on subassembly specimens
without diagonal bracing confirmed the vulnerability of the shear connectors near
supports. Due to the presence of axial forces in the shear connectors, both subassembly
Specimens FOA and FOB failed at a lateral force significantly lower than the nominal
shear capacities of their shear connectors. Specimens with diagonal member of X-pattern

showed a ductile response.

As part of this report, design charts and analysis methods for single and multi-span
bridges with ductile end cross frames were developed. The analysis methods are based on
an iterative procedure to determine the nonlinear response parameters of bridge

components without the need for nonlinear time history analyses.
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8.2. Experimental Observations

Based on the experimental investigations conducted in this study the following

observations can be derived:

e Plastic hinges were developed at the ends of both top and bottom chords. This
was due to the finite size of the gusset plate connection and their offset from the
axes of rotation of girders. This resulted in additional hysteresis loops in
Specimen FOA which may be used for energy dissipation.

e The deck-to-girder studded joints in Specimen FOA and FOB failed at 10% and
21% of the total shear capacity of the shear connectors when calculated solely
based on AASHTO shear equation, respectively.

e Specimen FOB with the top chord attachment had three times the initial lateral
stiffness and twice the lateral strength of Specimen FOA.

e Specimen F1B_1 with the top chord attachment had just over a third of the initial
lateral stiffness of Specimen F1A and twice the lateral strength. It is likely that
Specimen F1B would have shown similar results if it had not failed prematurely.

e The ultimate lateral load capacity for Specimen FOA was 30 kips and was
maintained up to 5% drift. The ultimate lateral load and drift capacities for
Specimen FOB were 65 kips and 1.5% drift.

e The ultimate lateral load capacity for Specimen F1A was 24 kips and was
maintained up to 7.5% drift. The ultimate lateral load and drift capacities for

Specimen F1B were 27 kips and 2.5% drift, these values are low due to the



472

premature failure of the specimen. The ultimate lateral load and drift capacities

for Specimen F1B_1 were 45 kips and 7.0% drift.

8.3. Conclusions

Based on the experimental and analytical investigations of this study the following

conclusions can be made:

Shear connectors in end cross frame zones are subjected to combined axial and
shear forces. The axial forces that were developed in the shear connectors
significantly reduced the shear capacity of the deck-girder and deck-chord
connections.

The ACI 318 Appendix D may be applied to determine the ultimate capacity of
shear connectors subjected to tension and shear near the ends of the steel bridge
superstructures.

The mathematical model and truss analogy that were developed for nonlinear
response of connectors in shear and axial forces shows good agreement with
experimental data.

The methodology developed for estimating the number of ruptured connectors
shows good agreement with results from finite element analyses.

The methodology developed for estimating the system contribution to base shear

shows good agreement with results from finite element analyses.
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The system effects and the number of damaged shear connectors at the ends of the
steel girder superstructures are dependent on the location of the first intermediate
cross frame, number, size, and spacing of shear connectors and girder dimensions.
The methodology developed for analysis and design of steel bridge
superstructures with ductile end cross frames shows good agreement with results
from finite element analyses.

The seismic design of ductile end cross frames based on the methodology
developed in this report depends on: the relative stiffnesses of superstructure and
substructure, the required displacement ductility, post-yield stiffness, site
acceleration coefficient (A), and the tributary weight of the superstructure at the

support.

8.4. Future Work

Determine the system response through experimental investigations on multiple
span bridge models to verify the approximate methods developed in this study.

Study the performance of transverse ductile end cross frames in combination with
longitudinal energy dissipating devices for applications in curved and skew steel

bridge superstructures.
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APPENDIX 3 MATERIAL TESTING REPORTS
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. NELSON

23705 Foley Street
Hepwam, CAB4G4E
Tel: §10.250.0880 » Fax S10.353.0677
006355363
N#mmmwmmﬂWﬂy

ijo4/08 Certificate of Compliance

REND IROH WORKES
333 EAST PARE BLVD

RENO MV
B5512
Material Descriptioen Juantity Heat Humber Lab Number
H4L 3/8 ¥ 4 1/8 M3 50 49B080 15851
HA4L 3/B X & 1/8 M3 aqQ 488780 13552
Helson COrder Number: 654811 Customer P.0O.: G65E-8010

The product supplied under the contract or purchase arder number shown
is certified to comply with the latest revision of one or more of the
appiicable product specifications therein; AWS D1.1, AWS DLl.5, AWS Dl.6,
IS0 13918, ES 59350, ASTM AlDH, ASTM A29, ASTM A27%, ASTM A493, ASTHM R496
and ASTM AlQ22.

The chemical analysis reported below was extracted from the certified
mill test report. This report will be supplied when specified in The
customer order or upon reguest. The physical propertiss reported wers
determined to be in conformance using ASTM A370 testing preocedures.

Melson Stud Welding is & ISO/TS 16943%:2002 certified supplier. Our IATF
certificate # is 0041081, This material is free from mercury contamination
and is RoHS compliant. This product iz melted and manufactured in the USA.

Grade c-1015% C=1015

Heat Number 4GB080 48ATED

Ultimate PBSI 75,900 85,900
¥iald PSI 50,800 B4, 800
% FReduction of Area 66.0 64.0
% Elong. {imn 2™) 2200 19.90
Carbon L1led . 180
Hanganese L AED L2l
Fhosphorous L0007 007
Sulphur 014 011

HEADRER STURS I hereby certify that the data listed i

this Certificate of Compliance is true
and correct as centained in the company

Nt) P}PQ test records and that it complies with
the specifications shown.

svenor e oy YD @@;}@3
O S
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APPENDIX4 PROPOSED AASHTO LRFD SPECIFICATIONS
FOR THE SEISMIC DESIGN OF STEEL GIRDER
BRIDGE SUPERSTRUCTURES



STEEL SUPERSTRUCTURES: PROVISIONS FOR SEISMIC DESIGN

1.0 Provisions for Seismic Design.
1.1 General
1.2 Materials
1.3 Design Requirements for Seismic Zone 1
1.4 Design Requirements for Seismic Zones 2, 3 or 4
1.4.1 General
1.4.2 Deck
1.4.3 Shear Connectors
1.4.4 Elastic Superstructures
1.4.5 Ductile Superstructures
1.4.5.1 Special Support Cross-Frames
1.4.5.1a Width-to-Thickness Ratio
1.4.5.1b Slenderness Ratio
1.4.5.1c Nominal Tensile and Compressive Resistance
1.4.5.1d Lateral Resistance
1.4.5.1e Double-Angle Compression Members
1.4.5.2 End Connections of Special Support Cross-Frame Members
1.4.4.2a Axial Resistance of the End Connections
1.4.4.2b Flexural Resistance of the End Connections
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Note: The AASHTO LRFD Bridge Design Specifications is referenced in some of the proposed seismic
provisions below. All the provisions referring to AASHTO provisions is referred as Article X.X.X.X, for
example, Article 4.7.4.4 in Section 1.1.

1.0-PROVISIONS FOR SEISMIC DESIGN
1.1-General

The provisions of these Articles shall apply only to the design of steel-girder bridge superstructures at
the extreme event limit state.

In addition to the requirements specified herein, minimum support length requirements specified in
Article 4.7.4.4 shall also apply. Bridges located in Seismic Zones 2, 3 or 4 shall satisfy the requirements
specified in Section 1.4.

A clear seismic load path shall be established within the superstructure to transmit the inertia forces to
the substructure based on the stiffness characteristics of the concrete deck, cross-frames or diaphragms, and
bearings. The flow of the seismic forces shall be accommodated through all affected components and
connections of the steel superstructure within the prescribed load path including, but not limited to, the
longitudinal girders, cross-frames or diaphragms, steel-to-steel connections, deck-to-steel interface,
bearings and anchor bolts.

1.2-Materials

Structural steels used within the seismic load path shall meet the requirements of Article 6.4.1, except
as modified herein.

Where a member or connection is protected by capacity design, the required nominal resistance of the
member or connection shall be determined based on the expected yield strength, R/F,, of the adjoining
member(s), where F, is the specified minimum yield strength of the steel used in the adjoining member(s)
and R, is the ratio of the expected yield strength to the specified minimum yield strength. For AASHTO M
270M/M270 (ASTM A709/A709M) Grade 36, R, shall be taken equal to 1.5. For AASHTO M
270M/M270 (ASTM AT709/A709M) Grades 50 and 50W, R, shall be taken equal to 1.1.
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1.3-Seismic Design Requirements
1.3.1-General

Where base isolation is not utilized, steel-girder bridges located in Seismic Zones 3 or 4, defined as
specified in Article 3.10.6, shall be classified into one of the following two categories for seismic design:

e An elastic superstructure with a ductile substructure.
e Aductile superstructure with an essentially elastic substructure.

Provisions for the first category are specified in Article 1.4.4. Provisions for the second category are
specified in Article 1.3.5. Only rolled or fabricated steel I-girder bridges with a composite reinforced
concrete deck slab and special support cross-frames that are designed as specified in Article 6.16.4.5.1 shall
be permitted in the second category. For bridges in either category, the deck and shear connectors shall
satisfy the provisions of Articles 1.3.2 and 1.3.3, respectively. Support cross-frame members in either
category shall be considered primary members for seismic design.

Structural analysis for seismic loads shall consider the relative stiffness of the concrete deck, girders,
support cross-frames or diaphragms, and the substructure.

1.3.2-Deck

Reinforced concrete decks attached by shear connectors satisfying the requirements of Article 1.3.3
shall be designed to provide horizontal diaphragm action to transfer seismic forces to the supports as
specified herein.

Where the deck has a span-to-width ratio of 3.0 or less, and the net mid-span lateral seismic
displacement of the superstructure is less than twice the average of the adjacent lateral seismic support
displacements, the deck within that span may be assumed to act as a rigid horizontal diaphragm designed to
resist only the shear resulting from the seismic forces. Otherwise, the deck shall be assumed to act as a
flexible horizontal diaphragm designed to resist shear and bending, as applicable, resulting from the
seismic forces.

For an elastic superstructure, the total transverse seismic shear force on the deck, Fy,, within the span
under consideration shall be determined as:

W oy
Fox = W = (1.3.2-1)
in which:
0.2SpgW py < Fpx <0.4SpgW (1.3.2-2)
where:
F = (Iipt;al of the transverse base shears, as applicable, at the supports in the span under consideration
Ip

Sps = horizontal response spectral acceleration coefficient at 0.2-sec. period modified by the short-period
site factor, determined as specified in Article 3.10.4.2

W = total weight of the deck and steel girders within the span under consideration (kip)
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Wy = weight of the deck plus one-half the weight of the steel girders in the span under consideration
(kip)

For a ductile superstructure, the total transverse seismic shear force on the deck, F,, within the span
under consideration shall be determined as:

_ W
Fpx = W Flat (1.3.2-3)
where:
F« = total lateral resistance of the special support cross-frames in the span under consideration

determined as specified in Article 1.3.5.1d (kip)

The limits given by Eq. 1.3.2-2 shall not apply in the case of a ductile superstructure.

1.3.3-Shear Connectors

Stud shear connectors shall be provided along the interface between the deck and the steel girders, and
along the interface between the deck and the top of the support cross-frames or diaphragms, to transfer the
seismic forces.

The shear connectors on the girders assumed effective at the support under consideration shall be taken
as those spaced no further than 9t,, on each side of the outer projecting element of the bearing stiffeners at
that support. In the case of a ductile superstructure, either no shear connectors, or at most one shear
connector per row, shall be provided on the girders at the supports.

Shear connectors on support cross-frames or diaphragms shall be placed within the center two-thirds of
the top chord of the cross-frame or top flange of the diaphragm. The diameter of the shear connectors
within this region shall not be greater than 2.5 times the thickness of the top chord of the cross-frame or top
flange of the diaphragm.

At support locations, shear connectors on the girders, as applicable, and on the support cross-frames or
diaphragms shall be designed for ultimate strength to resist the combination of seismic shear and axial
forces. The seismic shear demand shall be taken as the governing orthogonal combination of seismic shears
at the support under consideration.

For ductile superstructures, the seismic shears and axial forces shall be scaled by the following factor:

Vlat
Q=—"> 1.3.3-1
Y ( )

where:

Vi = total lateral resistance of the special support cross-frames at the support under consideration
determined as specified in Article 1.3.5.1d (kip)

V = seismic base shear at the support under consideration obtained from a modal response spectrum
analysis (Kip)

The ultimate strength of stud shear connectors subject to combined shear and axial forces shall be
evaluated according to the tension-shear interaction equation given as follows:

5/3 5/3
[ﬂJ + [Q_“J <10 (1.3.3-2)
Ny Qr
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in which:
N, = factored tensile resistance of a single stud shear connector (kip)
= QsNy (1.3.3-3)
N, = nominal tensile resistance of a single stud shear connector (kip)
Anc Np < A F 1.3.3-4
b ="Mschu (1.33-4)
Nnco

An.c = projected area of concrete failure for a single stud shear connector based on the concrete breakout
resistance in tension (in.%)

= ohZ (1.3.3-5)
Np = concrete breakout resistance in tension of a single stud shear connector in cracked concrete (kip)
= 076y fohg (1.3.3-6)

where:

0y = resistance factor for shear connectors in tension specified in Article 6.5.4.2

Anc = projected area of concrete for a single stud shear connector or group of connectors approximated
from the base of a rectilinear geometric figure that results from projecting the failure surface
outward 1.5h. from the centerline of the single connector, or in the case of a group of connectors,
from a line through a row of adjacent connectors (in.%)

A = cross-sectional area of a stud shear connector (in.%)

F. = specified minimum tensile strength of a stud shear connector determined as specified in Article 6.4.4
(ksi)

hes = effective embedment depth of a stud shear connector (in.)

N, = seismic axial force demand per stud at the support cross-frame or diaphragm location under
consideration (kip)

Q. = seismic shear demand per stud at the support cross-frame or diaphragm location under consideration
due to the governing orthogonal combination of seismic shears (kip)

Q; = factored shear resistance of a single stud shear connector determined as specified in Article
6.10.10.4.1 (kip)

1.3.4-Elastic Superstructures

For an elastic superstructure, support cross-frame members or support diaphragms shall be designed
according to the applicable provisions of Articles 6.7, 6.8 and/or 6.9 to remain elastic during a seismic
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event.
The lateral force for the design of the support cross-frame members or support diaphragms shall be
determined based on the lesser of:

e The governing orthogonal force combination obtained from a linear elastic seismic analysis;
and:

= Ata pier, the force, V,, corresponding to plastic hinging of the substructure as specified in Article
3.10.9.4.3, including an overstrength factor, Ayo;

or:

e At an abutment, the force, V,, corresponding to the lateral resistance of shear keys, including an
overstrength factor, An,.

The overstrength factor, Ay, shall be taken equal to 1.2 and 1.4 for ASTM A706 and ASTM A615
grade 60 reinforcement, respectively.

1.3.5-Ductile Superstructures

For a ductile superstructure, special support cross- frames, designed as specified in Article 1.3.5.1,
shall be provided at all supports.

The drift of the superstructure shall not exceed 4% for the ductile cross frames that designed according
to the seismic provisions. The drift shall be calculated as the ratio of the relative lateral displacement of the
girder flanges to the total depth of the steel girder. The calculated drift from elastic analysis shall be
multiplied by the scale factor Q determined from Eq. 1.4.3-1.

1.3.5.1-Special Support Cross-Frames

Special support cross-frames shall consist of top and bottom chords and diagonal members. The
diagonal members shall be configured either in an X-type or an inverted V-type configuration. Only single
angles or double angles with welded end connections shall be permitted for use as members of special
support cross-frames.

In an X-type configuration, diagonal members shall be connected where the members cross by welds.
The welded connection at that point shall have a nominal resistance equal to at least 0.25 times the nominal
tensile resistance of the diagonal member determined as specified in Article 1.4.5.1c.

In an inverted V-type configuration, the top chord and the concrete deck at the location where the
diagonals intersect shall be designed to resist the vertical component of the difference between the nominal
tensile resistance of the diagonal member taken equal to R,P,, and the absolute value of the nominal post-
buckling compressive resistance of the diagonal member taken equal to 0.3P,, where R, is taken as
specified in Article 1.2, P, is determined as specified in Article 6.8.2 and Py, is determined as specified in
Article 6.9.4.1.

In both configurations, the top chord shall be designed for the an axial force taken as the larger of the
elastic seismic force divided by the appropriate response modification factor specified in Table 1.3.5-1, or
the horizontal component of the nominal tensile resistance of the diagonal member taken as R,P,,cos8. 8 is
the angle of inclination of the diagonal member with respect to the horizontal.

Members of special support cross frames in either configuration shall satisfy the requirements
specified in Articles 1.3.5.1a through 1.3.5.1e. The end connections of the special support cross-frame
members shall satisfy the requirements specified in Article 1.3.5.2.
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1.3.5.1b-Slenderness Ratio

Members of special support cross-frames shall satisfy the following ratio:

Klcao | E (1.3.5.1b-1)
r Fy
where:

K = effective length factor in the plane of buckling = 0.85

¢ = unbraced length (in.). For members in an X-type configuration, ¢ shall be taken as one-half the
length of the diagonal member.

r = radius of gyration about the axis normal to the plane of buckling (in.)

1.3.5.1c-Nominal Tensile and Compressive Resistance

The nominal tensile resistance of diagonal members of special support cross-frames shall be taken as
R,Pny Where Ry is taken as specified in Article 1.2 and Py, is determined as specified in Article 6.8.2.

The nominal compressive resistance of diagonal members of special support cross-frames shall be
taken as P,, where P, is determined as specified in Article 6.9.4.1.

1.3.5.1d -Lateral Resistance

The lateral resistance a special support cross-frame in a single bay between two girders shall be taken
as the sum of the following:

e The sum of the horizontal components of the nominal resistances of the tension and compression
diagonal members taken as (R,P,,+0.3P,)cos8, where Ry is taken as specified in Article 1.2, P is
determined as specified in Article 6.8.2, P, is determined as specified in Article 1.3.5.1c and 0 is
the angle of inclination of the diagonal member with respect to the horizontal;

e The sum of the shear contributions due to bending of the top and bottom chord members of the
cross frames. The shear contribution of each chord member shall be taken as 2R;My/h, where Ry is
taken as specified in Article 1.2, M, is the plastic moment of the chord member under
consideration and h is taken as the vertical distance between the centerline of the bearing and the
centerline of the chord member under consideration.

1.3.5.1e-Double-Angle Compression Members

Double angles used as diagonal compression members in special support cross-frames shall be
interconnected by welded stitches. The spacing of the stitches shall be such that the slenderness ratio, ¢/r, of
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the individual angle elements between the stitches do not exceed 0.4 times the governing slenderness ratio
of the member. Where buckling of the member about its critical buckling axis does not cause shear in the

stitches, the spacing of the stitches shall be such that the slenderness ratio, ¢/r, of the individual angle

elements between the stitches does not exceed 0.75 times the governing slenderness ratio of the member.
The sum of the nominal shear resistances of the stitches shall not be less than the nominal tensile resistance
of each individual angle element.

The spacing of the stitches shall be uniform. No less than two stitches shall be used per member.

1.3.5.2-End Connections of Special Support Cross-Frame Members

End connections of special support cross-frame members shall be welded to a gusset plate. The gusset
plate may be bolted or welded to the bearing stiffener. The gusset plate and gusset plate connection shall
be designed to resist a vertical shear taken equal to 1.1R,P,sin® acting in combination with a moment
taken equal to the design shear times the horizontal distance from the working point of the connection to
the centroid of the bolt group or weld configuration, where R, is taken as specified in Article 1.2, P, is
determined as specified in Article 6.8.2 and 8 is the angle of inclination of the diagonal member with
respect to the horizontal. The end connections of the special support cross-frame members shall satisfy the
requirements of Articles 1.3.5.2a and 1.3.5.2b.

1.3.5.2a-Axial Resistance of the End Connections

The axial resistance of the end connections of special support cross-frame diagonal members subject to
tension or compression shall not be taken less than 1.1R,P,,, where R, is taken as specified in Article 1.2
and Py, is determined as specified in Article 6.8.2.

The axial resistance of the end connections of special support cross-frame top chord members subject
to tension or compression shall not be taken less than 1.1R,P,,cos8, where 8 is the angle of inclination of
the diagonal member with respect to the horizontal.

1.3.5.2b—Flexural Resistance of the End Connections
The flexural resistance of the end connections of special support cross-frame diagonal members shall

not be taken less than 1.1R,F,Z, where R, is taken as specified in Article 1.2 and Z is the plastic section
modulus of the diagonal member about the axis of bending.
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